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Foreword

The long recession we are leaving behind and the timid recovery taking place in a few
countries are forcing all the actors of the building process to look for new opportunities in
terms of conceptual design, structural optimization, enhanced or new materials, higher-
quality building components and improved building technologies. All the efforts have — or
should have — a common denominator, “green thinking”, a rather abused term, which —
however — expresses an unquestionable necessity for the future of any human activity and
for the survival of the mankind itself.

Green thinking refers not only to the production of goods with no or minimal
requirements in terms of fossil-fuel consumption, but also to the improvement of existing
goods to make their use less dependent on fossil fuels, in order to leave the environment
as pristine as possible. In both cases, “energy” is involved. Hence, the first step implied by
green thinking is towards both renewable and low-impact sources, with no or limited
consumption of Earth’s resources, no or limited emission of green-house gases, and the
least possible soil occupation, to mitigate visual impact and environmental disruption.

Within this context, the role of Civil and Materials Engineering — and particularly of
Structural Engineering — is fundamental from at least three different points of view:

e repairing/rehabilitating/strengthening/upgrading existing buildings and infrastructures to
minimize their energy needs, by producing and using better materials and building
components, with enhanced thermo-mechanical properties and durability;

e designing and constructing innovative buildings and infrastructures, characterized by
energy-conscious production processes, low maintenance and improved durability;

o contributing to the design and construction of more efficient plants for the production of
electric energy, in order to guarantee high quality in each stage of the building process,
the reliability during the service life and the safety in accidental conditions.

With reference to existing buildings and infrastructures, the first point indicates one of
the major goals to be pursued in the next few years, namely that of developing a common
set of technical provisions (within the Eurocodes) to help each actor in the repairing,
rehabilitating, strengthening and maintenance field to work in a more rational and reliable
way. Among the many open issues, the evaluation of the actual safety levels and the
definition of the safety targets stand out. To give an answer, “safety indices” should be
quantified, in order to take into account all existing flaws and their possible development. In
this way, priority levels could be established, something that is badly needed for the
consolidation and renovation of many socially-valuable buildings and infrastructures.

The second point refers to both large structures, like tall buildings and bridges, and
infrastructures aimed to meet strategic social and economical needs. Talking about tall
buildings, several recent outstanding projects have proved that concrete is the best
technological choice as a structural material, thanks to the properties of the “new” mixes
(high strength, workability, durability, ...). Using these materials and taking advantage of
prestressing, large-span bidirectional slabs can be designed and rapidly built, with the plus
of an increased in-plane stiffness, a better resistance to lateral loads (wind and earthquake)



of the whole structure and fewer problems in the slab-column connections, where high
workability is required by the highly-congested reinforcement.

With reference to the third point, nuclear power plants stand out as a challenge for
cement and construction industry, as well as for structural designers and materials experts.
As a matter of fact, in today’s plants and even more in future advanced plants a variety of
cementitious materials is needed, as each step of the fuel cycle - from uranium mines to
waste repositories — requires specific materials exhibiting excellent properties in terms of
resistance, durability and radiation-shielding capabilities.

Ordinary concrete and shotcrete are extensively used in uranium mines (as it is usual in
tunnels); heavy concrete is suitable for fuel-processing plants and primary-containment
shells; high-performance temperature- and fire-resistant fiber-reinforced concrete for
secondary-containment shells; and heavy durable concrete for the shielded facilities
destined to reprocessing the spent fuel to be fed to both thermal and fast reactors. Finally,
durable high/ultra high-performance impact- and fire-resistant concrete should be used for
multi-barrier waste storage, which requires the production of casks, canisters and caissons,
as well as the construction of dry-storage pads and underground waste repositories.

All the above-mentioned cementitious composites, except shotcrete and heavy
concrete, may have self compacting/consolidating properties, which bring in higher
standards of workability, homogeneity, durability and labor safety.

This is good news for Civil Engineers, Architects, Structural Designers and Materials
Scientists, and for the Building Industry as a whole, on condition that the governments, the
institutions and the public opinion understand that investing on strategic high-quality
structures and infrastructures is a smart way to favor the economy, to save job positions
and to create new job opportunities.

Several topics related to high-level Structural Engineering are addressed in the eight
technical papers (1-8) and four technical notes (9-12) published in this volume.

Five papers are aimed at understanding — through modelling and testing — the structural
behavior of; SCC beams (1) or R/C beams affected by cover delamination (4); R/C columns
strengthened by steel cages (2) or FRP (3); and R/C walls subjected to shrinkage (5).

Two papers are about concrete triaxial and fatigue behavior (6,8), and a third about
concrete sustainability and innovation (7).

Among the notes, the first (9) is about the re-examination of the static behavior of a
rather interesting folded-plate structure designed fifty years ago in Sardinia (ltaly), while the
last three are focused on Structural Fire Engineering (open-section P/C girders - 10,
composite girders — 11, and general problems of R/C sections in fire — 12).

As usual, the news of the School “Fratelli Pesenti” ends this volume.

Milan, December 2010

Pietro G. Gambarova, Antonio Migliacci and Paola Ronca



Premessa

La lunga recessione che ci stiamo lasciando alle spalle e che solo in alcuni paesi mostra
segni di ripresa obbliga tutte le parti interessate al processo costruttivo a cercare nuove
opportunita riguardo a filosofia progettuale, ottimizzazioone strutturale, materiali avanzati
ed innovativi, migliore qualita della componentistica ed affinamento delle tecnologie
costruttive. Peraltro, tutti gli sforzi vanno orientati al rispetto dellambiente, concetto
abusato, ma che esprime un’ inderogabile necessita per la sopravvivenza dell’Umanita.

Il rispetto dell’ambiente riguarda sia la produzione di beni richiedenti un uso minimale di
combustibili fossili, sia il miglioramento dei beni esistenti in modo da renderne I'uso meno
dipendente dai suddetti combustibili, nell'ottica di limitare il piu possibile le alterazioni al
patrimonio ambientale. Essendo in ambedue i casi coinvolta la produzione di energia, il
primo passo verso il rispetto del’'ambiente riguarda sia le fonti rinnovabili, che quelle a
ridotto impatto ambientale, con consumi molto limitati delle risorse naturali, emissioni molto
ridotte dei gas responsabili di effetto serra ed occupazione minimale del suolo.

In tale contesto, il ruolo dell'Ingegneria Civile e dei Materiali — ed in particolare
dell'Ingegneria Strutturale — € fondamentale da almeno tre diversi punti di vista:

o restauro statico / ricupero / rafforzamento / aggiornamento di edifici ed infrastrutture
esistenti per minimizzare i consumi di energia, tramite produzione ed uso di materiali e
componenti di migliori prestazioni termomeccaniche e di piu elevata durabilita;

e progettazione e costruzione di edifici ed infrastrutture innovative, caratterizzate da
processi produttivi improntati al risparmio energetico, da limitata manutenzione e da
elevata durabilita;

o contributo alla progettazione ed alla realizzazione di impianti di produzione dell’energia
elettrica pit efficienti, in modo da favorirne la qualita in ogni fase del processo
costruttivo, I'affidabilita durante la vita utile e la sicurezza in condizioni incidentali.

Con riferimento agli edifici ed alle infrastrutture esistenti (primo punto), uno dei principali
obiettivi da raggiungere nei prossimi anni & lo sviluppo — nell'ambito degli Eurocodici - di un
insieme di regole che permettano a chi si occupa di restauro statico, ricupero e
manutenzione di lavorare in modo piu razionale e professionale. Fra i molti problemi tuttora
aperti, la valutazione dell'effettivo livello di sicurezza e la definizione degli obiettivi della
sicurezza sono di particolare rilevanza. A tal fine occorre quantificare gli indici di sicurezza
per tener conto dell'effettivo livello di degrado e della sua possibile evoluzione temporale.
Sara cosi possibile definire dei livelli di priorita, il che & necessario per gli interventi di
consolidamento e ristrutturazione in molte opere di grande rilevanza socio-economica.

Il secondo punto riguarda le grandi opere strutturali sviluppate sia in altezza (edifici alti),
che in lunghezza (ponti), nonché le opere strutturali nel territorio (infrastrutture di trasporto
ed impianti speciali per le esigenze della collettivita). In tema di edifici alti, ad esempio,
varie recenti e straordinarie realizzazioni hanno dimostrato che il materiale “calcestruzzo”
risulta essere la scelta tecnologica migliore in virtu delle caratteristiche dei nuovi
conglomerati cementizi (alta resistenza, lavorabilita, durabilita, ...). Infatti, I'impiego di tali
calcestruzzi, abbinato 0 meno alla precompressione, permette di realizzare campi di piastra



di grande luce, con cio conferendo all'intera opera migliore resistenza alle azioni orizzontali
(vento e sisma), riducendo i tempi di costruzione e facilitando la realizzazione dei nodi
colonna-impalcato, dove la congestione dell'armatura richiede elevata lavorabilita.

Con riferimento al terzo punto, 'argomento molto “caldo” delle centrali nucleari per la
produzione di energia elettrica rappresenta una sfida per l'industria del cemento e delle
costruzioni, cosi come per i progettisti strutturali e per gli esperti di materiali. Non v'é infatti
dubbio che nei piu moderni impianti oggi esistenti, e a maggior ragione negli impianti
avanzati del prossimo futuro, € richiesta una straordinaria varieta di conglomerati cementizi,
in quanto vi sono esigenze specifiche per ogni passo del ciclo del combustibile.

| calcestruzzi ordinari e proiettati sono impiegati nelle miniere di uranio (come daltronde
nelle gallerie), mentre i calcestruzzi pesanti sono richiesti dagli impianti di produzione degli
elementi di combustibile e dalle strutture primarie di contenimento del nocciolo; i
calcestruzzi ad alte prestazioni con/senza fibre metalliche resistenti all’alta temperatura ed
allincendio dai gusci di contenimento secondario; ed i calcestruzzi pesanti ad alta durabilita
dalle strutture schermate per la ricarica degli elementi di combustibile da riutilizzare nei
futuri reattori veloci. Infine, i calcestruzzi ad alta durabilita, ad alte/altissime prestazioni,
resistenti allimpatto ed all'incendio (come richiesto anche dai nuclei controventanti degli
edifici alti) si prestano ad essere utilizzati nei contenitori singoli € multipli, nei cassoni, nei
piastroni per 'immagazzinaggio all'aperto e nei depositi sotterranei.

Occorre aggiungere che tutti i calcestruzzi suindicati — ad eccezione di quelli pesanti e
proiettati — si prestano ad essere realizzati con proprieta autocompattanti, che assicurano
migliore lavorabilita e durabilita, oltre ad aumentare la sicurezza del lavoro in cantiere.

Si tratta di buone notizie per Ingegneri Civili, Architetti, Progettisti Strutturali ed Esperti
di Materiali — ed in generale per I'Industria delle Costruzioni - purché i Governi, le Istituzioni
e l'opinione pubblica capiscano che investire in strutture ed infrastrutture strategiche di
qualita & una via primaria per favorire 'economia e creare nuove opportunita di lavoro.

Un contributo significativo viene da questo 30° volume di Studi e Ricerche, ove vengono
trattati vari temi di Ingegneria Strutturale in otto memorie e quattro note.

Cinque memorie riguardano il comportamento strutturale di : travi armate realizzate in
calcestruzzo autocompattante (1) oppure soggette a delaminazione del ricoprimento
dell’armatura (4), colonne in c.a. rinforzate con angolari e traversi (2) oppure con polimeri
fibrorinforzati-FRP (3), e pareti in c.a. soggette a ritiro (5).

Il comportamento triassiale e a fatica del calcestruzzo ¢ trattato in altre due memorie
(6,8), mentre I'ultima memoria ha per tema la sostenibilita e I'innovazione nel’ambito del
materiale strutturale “calcestruzzo” (7).

Fra le note, la prima (9) riesamina in chiave “moderna” il progetto di una interessante
copertura a lastre piane realizzata in Sardegna, mentre le altre tre hanno in comune
lincendio (travi precompresse a sezione aperta — 10, travi composite — 11 e problemi
generali delle sezioni in c.a. - 12).

Come d'uso, le notizie della Scuola Master “Fratelli Pesenti” concludono il volume.

Milano, Dicembre 2010

Pietro G. Gambarova, Antonio Migliacci and Paola Ronca
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EXPERIMENTAL INVESTIGATION ON THE STRENGTH
AND DUCTILITY OF HSC AND SCC BEAMS SUBJECTED
TO MONOTONIC AND CYCLIC LOADING

Franco Angotti', Luciano Galano®, Andrea Vignoli'

ABSTRACT

The results of an experimental campaign concerning eighteen beams made of
normal-strength and high-strength self-consolidating or vibrated concrete are
presented and discussed in this paper. The beams were subjected to 4-point
bending. Six beams were tested under monotonic loading and the remaining
twelve under cyclic loading. Concrete cylindrical compressive strength covered
the range 40 - 115 N/mm”.

On the whole, the tests show that the ultimate strength and ductility of SCC
beams are comparable with those of the beams made of vibrated concrete. Some
differences emerge in the crack pattern and in the type of damage. In the beams
made of either normal-strength self-consolidating concrete or vibrated concrete the
cracks mostly formed in the constant-bending zone, with more concentrated cracks
in the latter case, for the same concrete strength. Negligible differences were
detected among the HSC beams made of either self-consolidating or vibrated
concrete.

KEYWORDS: high-strength concrete, self-consolidating concrete, R/C beams,
bending tests, compressive strength, ductility.

' Professor, Department of Civil and Environmental Engineering, Universita degli Studi di
Firenze, Florence (Italy).

* Assistant Professor, Department of Civil and Environmental Engineering, Universita
degli Studi di Firenze, Florence (Italy).
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1. INTRODUCTION

In the last decades, improvements in materials technology led to the development
and application of high-strength concrete (HSC) and self-consolidating concrete
(SCC). HSC (or HPC = high-performance concrete, this denomination being
preferred in Europe) are cementitious composites with a cylindrical compressive
strength larger than 60 N/mm”. SCC is a rather recent development that allows
concrete elements to be cast without mechanical vibration (ACI, 237-03, 2003;
EFNARC, 2002). Studies and researches on these materials are required to make
structural designers more comfortable in the use of SCC in concrete structures.
Hence, experimental tests are necessary to investigate the mechanical properties of
these concretes and to collect useful information in order to improve the design
methods (Sonebi et al., 2003; Das et al., 2005; Cattaneo et al., 2007). In addition,
knowing the mechanical behavior of SCC is instrumental in improving the
analytical models.

In this paper the results of the flexural tests on eighteen reinforced-concrete
beams with rectangular cross section are presented for extending the data bank on
beams made of HSC and SCC. Attention is focused on their ultimate flexural
strength and ductility. The beams were tested under both monotonic and cyclic
loading, in 4-point bending, i.e. with constant bending in the central zone of the
specimens. All beams have the same geometry and reinforcement (length, cross
section and reinforcement layout). Six different concrete mixes were used in order
to cover the range 40-115 N/mm?®. Three mixes concerned as many concretes to be
vibrated, while the remaining three mixes were devised for self-consolidating
concretes. For each mix, three beams were cast to be tested according to a
displacement-controlled procedure, with the first beam under monotonic loading
and the other two under cyclic loading. Some results of these tests were
synthetically treated in two previous papers (Angotti et al., 2007; Angotti et al.,
2009). Here, the same results are presented and discussed in a more extended form
and in more details.

The aim of this study is to investigate the ultimate flexural strength, the
ductility and the cracking patterns of the beams for various concrete mixes. The
differences and similarities between SCC and vibrated beams are stressed as well.

2. EXPERIMENTAL SETUP
2.1 Beams

Eighteen beams each with constant rectangular cross section (b x h = 150 mm x
200 mm; length 1 = 2400 mm) were tested (Fig. 1). The same arrangement of the
reinforcement was adopted in all beams. The longitudinal bottom reinforcement
consisted of four hot-rolled deformed bars FeB44k (fy = 435 N/mm’; 2210 +

212 mm). The longitudinal top reinforcement consisted of three deformed bars
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of the same grade (310 mm). Consequently, the steel ratio of the tension bars p
= AJ/(b x h) was equal to 1.28 % (A; = total area of the bottom reinforcement).

The transverse reinforcement consisted of 2-leg &8 mm stirrups spaced by s =
80 mm close to the supports, and of 2-leg &6 mm stirrups spaced by s = 120 mm
at mid-span. The transverse reinforcement was designed to obtain a flexural
collapse in the central zone. Additional stirrups were provided at the two ends of
the specimens, to prevent undesired failures in these zones. All stirrups were
anchored in the concrete core with 60 mm-long bends.

& — 3¢ 10mm
Top reinforcements 3 ¢ 10 mm 20
‘ 2610

— +2¢p12mm
150
H

10 stirrups ¢ 8 mm 6 stirrups ¢ 6 m 10 stirrups ¢ 8 mm
spacing 80 mm spacing 120 mm spacing 80 mm
T f | N I
200 ||
n” 2400 ¥

Bottom reinforcements 2 ¢ 10 + 2 ¢ 12 mm

Figure 1 — Geometry and reinforcement of the beams (dimensions in mm).

2.2 Mix designs, concrete samples and structural specimens

The concretes used in this study were based on six mixes with different target
compressive strengths:

e Mixes HSCB and HSCC: vibrated high-strength concretes with target
cylindrical compressive strengths at 28 days of 80 and 100 N/mm?, no silica
fume (HSCB), with silica fume (HSCC), max. aggregate size d, = 10 mm;

e Mix NSCD: vibrated normal-strength concrete with target strength at 28 days
of 40 N/mm?’, no silica fume, max. aggregate size d, = 10 mm;

e Mixes SCCE and SCCEF: self-consolidating high-strength concretes with target
strengths of 80 and 95 N/mm?®, respectively, with silica fume, max. aggregate
size d, = 10 mm;

o Mix SCCG: self-consolidating normal-strength concrete with target strength of
40 N/mm’, with silica fume, max. aggregate size d, = 15 mm.
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An appropriate amount of superplasticizer was added to all mixes to guarantee
the workability. The details of the mix designs and of other properties of the mixes
measured in the fresh state are listed in Table 1.

From each mix, three identical beams were manufactured (for instance,
HSCB-T1, HSCB-T2 and HSCB-T3 = beams made from Mix HSCB). The six
beams indicated with T1 were tested under monotonic loading, while the other
twelve beams - indicated with T2 and T3 - were tested under cyclic loading.

The specimens were cast horizontally in recoverable steel moulds, with the
compressive side of the beams upward. The concrete was vibrated by means of an
internal vibrator (SCC specimens of course - were not vibrated). Plastic sheets
were used to cover the beams for one day.

Later, the moulds were removed and the beams were left for two days at 20 + 2
°C and RH 2 90 %. Then the beams were exposed to the ordinary environmental
conditions typical of a laboratory, prior to be tested. The same procedure was used
for curing the control specimens.

The actual net cover was accurately measured in the mid-span cross section of
each beam after testing. Values close to 16 mm were obtained for all the beams,
except for the beams of Mix SCCG, where the net cover was larger (close to 20
mm).

Concrete cylinders (h =200 mm and & = 100 mm) and cubes (side = 100 mm)
were used to determine the compressive strengths at 28 days and at the time of
testing (these strengths are denoted by foscyt, fecyt, feascubes fecune). The splitting
tensile strength f.,, the tensile strength in bending f; and the secant modulus of
elasticity E.; were also measured at the time of testing (E. was determined
according to the Italian norm UNI 6556, 1976, ensuing from the ISO norms).

Table 2 gives the mechanical properties of the hardened concretes (average
values of three specimens; vy is the density or mass per unit volume). As reported in
Table 2, no control cylinders were available for Mix SCCG (only cubes were
available; hence, in this case the usual ratio 0.83 was introduced for the evaluation
of fo ey, 1.€. fo oy = 0.83 f cupe = 40.16 N/mm? at the time of testing).

The properties of the reinforcement were measured by means of standard
tensile tests carried out using an Instron universal testing machine. Table 3 lists the
yield strength f,, the ultimate strength fy, and the ultimate ductility As evaluated
according to the Italian Recommendations on R/C structures (Ministry of Public
Works, January 9, 1996). The stress-strain diagrams were obtained by measuring
the strains over a gauge length of 50 mm by means of an electronic extensometer.

2.3 Test setup and instrumentation

The experimental setup is shown in Fig. 2. The load P was applied by means of a
MTS hydraulic press (max. capacity 350 kN). As already mentioned, the beams
were tested in 4-point bending; the central zone subjected to pure bending was 700
mm-long, while the shear span was 750 mm-long.

14



Mix HSCB HSCC NSCD SCCE SCCF SCCG
Portland cement type I I I I I I/A-LL
525R 525R 525R 525R 525R 425R

Water [kg/m’] 139 130 184 138 155 200
Cement [kg/m’] 537 594 337 517 609 340
Silica-fume [kg/m’] 21 43 43 140 (filler)
Sand I [kg/m’] 300 292 316 302 278 620 (0-3 mm)
Sand II [kg/m’] . 527 511 526 517 481 440 (0-12 mm)
Crushed stone [kg/m] 207 208 210 215 203
[d.=0-5mm] \
Crushed stone, [kg/m’] 734 709 736 722 673 710 (8-15 mm)
[damax = 10 mm]
Superplasicizer [kg/m’] 7.0 11.7 1.7 11.3 133 35
Viscofluid, [kg/m’] 0.43 0.32 1.0
Slump, mm 260 280 175 750" 800’ 650"
Air, [%] 12 1.0 24 03 0.3 -
W/C 0.26 0.22 0.55 027 0.25 0.59
W/(C+SF) 0.26 0.21 0.55 0.25 0.24 0.42

. 3
Density, [kg/m ] 2448 2466 2322 2412 2420 -
(fresh concrete)
' Slump flow test; — = not measured items.

Table 1 — Mix designs and properties of the concretes in the fresh state.

chS‘c 1 chS,cube fc,c 1 fc,cube fc,s lit fr Ecs 28,cyl
Conerete | ot (Nmm?]  [NmmY]  [Nmm?]  [NmmY] [Nmmd] [Nmm?] [lZg/rryf]
HSCB 80.56 96.63 86.95 101.34 5.53 11.27 39971 2401
HSCC 98.06 120.27 113.32 130.50 6.71 10.78 49810 2410
NSCD 39.28 47.36 43.11 50.65 3.24 8.31 31835 2263
SCCE 82.57 111.65 88.83 110.72 4.92 10.90 40351 2394
SCCF 92.66' 115.22 100.11 121.64 4.18 9.76 42654 2427
SCCG - 49.76 - 48.38 3.63 8.58 29998 2321
' Mean value of two specimens; — = not measured items.

Table 2 — Properties of the hardened concretes at 28 days and at the time of
testing.

All beams except SCCG
Size £,y [N/mm’] fo [N/mm?] As[%]
b6 604.1 638.4 10.9
o8 549.3 614.1 25.9
¢ 10 519.7 619.8 25.7
$12 541.3 641.7 22.2
Beams SCCG
Size fyy [N/mm?] fou [N/mm?] As[%]
b6 642.5 657.5 10.2
o8 603.9 627.3 18.8
¢ 10 501.5 579.4 29.3
¢ 12 555.1 652.7 23.1

Table 3 — Mechanical properties of the reinforcement.
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During the tests, the load P was measured by means of the pressure transducer
of the press, and both the mid-span displacement and the settlements at the
supports were monitored by means of linear transducers (F1, F2 and F3). One
strain gauge glued to the concrete surface (2 type) measured the compressive
strain in the mid-span cross section (D1 in Fig. 2). Five deformometers (Ts1, Ts2,
Ts3, Ts4 and Ts5) were located along the intrados (bottom face in tension) to
check the crack pattern in the zone subjected to constant bending and to measure
the average curvature of the beam. As an example, Fig. 3 shows the Beam SCCG-
T1 before being tested.

P
F = displacement transducers v
D1 = strain gauge (initial base = 50 mm)
Ts = transducers (initial base = 165 mm) Oil jack
o
100 750 750 100
3 ¢
i D1 <
700
| H— '
Eiij Ts1 'ﬁhjfsgﬁ'ns E;%
F1
F2 2200 F3
a4 Strain gauge N
(initial base = 50 mm)
Top face -
Transducers (initial base = 165 mm)
Bottom face Ts1 Tsz_lﬁ_ 42 165
P 370 370 P
A T

Figure 2 — Test setup of the beams and details of the instrumentation (dimensions
in mm).

The monotonic tests were carried out by increasing the mid-span displacement
at a constant rate of 3 mm/minute; a constant rate of approximately 18 mm/minute
was used in the cyclic tests. Fig. 4 shows the loading history of the cyclic tests; d,
denotes the mid-span displacement corresponding to the yielding of the bottom
reinforcement.
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Figure 4 — Loading history of the cyclic tests.

For each beam, d, was first evaluated according to the monotonic test results;
then the actual values were determined from the results of each cyclic test. As
shown in Fig. 4, three pulsating load-cycles (no reversal of the curvature) were
applied for each ductility level p = d/d,. The tests were protracted until a
significant level of damage was detected in the specimens.
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3. MONOTONIC TESTS
3.1 Load-displacement relationship

The monotonic tests were carried out by increasing the mid-span displacement d
up to approximately 80 mm. The value of d was obtained from the difference
between the value measured by transducer F1 and the average value of the
displacements measured by transducers F2 and F3. In all experiments the beams
were severely damaged and the concrete cover close to the mid-span section
exhibited extensive spalling.

The plot of the load P vs. the mid-span displacement d allows to identify the
typical “points” of the response curve of a beam in bending (Fig. 5): the load P,
corresponding to the formation of the first crack, the yielding load Py, the
maximum load P, and the ultimate load P,. Generally, these points can be
conventionally identified by means of calculus. As an example, both d, and Py can
be determined by applying the so-called “% rule” (Fig. 5). In the present study, P,
and P, were manually determined according to the load-displacement response
(see Beam HSCB-T1 in Fig.6). The ultimate load P, was the load at the maximum
applied displacement d,. All these results are collected in Tables 4 and 5, whereas
the diagrams of the load vs. the mid-span displacement are reported in Figs. 7 and
8. Unfortunately, because of some malfunctioning of the acquisition data-system,
not all the results concerning Beam NSCD-T1 are available.

Beam P, [kN] P,KN]  Pou[kN] M, [kNm]  M,[kNm]
HSCB-T1 24.04 95.44 107.06 35.79 33.44
HSCC-T1 20.00 93.86 103.34 35.20 34.09
SCCE-T1 18.80 94.76 103.22 35.54 33.48
SCCF-T1 23.02 96.58 101.92 36.22 33.75
SCCG-T1 12.52 85.08 95.64 31.91 31.01

Table 4 — Results of the monotonic tests.

Beam Ko=P,/d, [kN/mm] d, [mm] dy/d, Po/Prax
HSCB-T1 7.22 13.2 6.1 0.89
HSCC-T1 7.26 12.9 6.2 0.91
SCCE-T1 7.32 12.9 6.2 0.85
SCCEF-T1 7.34 13.2 6.4 0.92
SCCG-T1 5.74 14.8 4.6 0.73

Table 5 — Results of the monotonic tests.
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aVv

dy du

Figure 5 — Definition of the characteristic points of the load-displacement curves
under monotonically-increasing displacement.

The first part of the ascending branches is almost linear and the first cracks
appear approximately in the mid-span section along the intrados of the beams. The
second part of the ascending branches is still rather linear until the yielding of the
main reinforcement. In this phase, any small increase of the load favors the
formation of thin cracks in the central zone of each specimen (crack spacing
comprised between 50 and 100 mm).

After yielding, the hardening of the tension reinforcement becomes very
evident in all tests. Finally, because of concrete-cover splitting, a sudden decrease
of the load occurs (in Beam SCCG-T1 the cover splitting occurred in two
subsequent phases).

The beams made with the Mixes HSCB, HSCC, SCCE and SCCF produced
comparable loads Py and P,; slight differences were detected for the load P.,. All
these beams exhibited a residual ultimate capacity of at least 0.85 P, and a
displacement ductility ratio d,/dy close to 6. The normalized diagrams of the load
vs. the mid-span displacement differ only after yielding (Fig. 8).

Beam SCCG-T1 exhibited the lowest ductility and the lowest values of the
loads at first cracking, at yielding, at the peak of the response curve and during the
unloading phase (residual load), probably because of the lower value of the
internal lever arm due to the larger concrete cover. (Beam SCCG-T1 is the only
one manufactured with normal-strength concrete).

These qualitative comments apply to all beams, as the overall behavior of SCC
beams was similar to that of vibrated-concrete beams. Furthermore, Table 4 shows
that the experimental values of the moment M, at yielding are very similar to the
theoretical values of the ultimate moment M,, calculated according to Eurocode 2
(CEN-EN 1992-1-1, 2004). The moment M,, was evaluated using the actual
strengths of the materials and the parabola-rectangle law for the concrete in
compression. The constitutive law of the reinforcement was assumed to be
perfectly elastic-plastic (stress at yielding = f;).
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Figure 6 — Beam HSCB-T1: characteristic points of the load-displacement curve.
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Figure 7 — Load vs. displacement curves under monotonic loading.

3.2 Bending moment—curvature relationship

A useful parameter to describe the behavior of a beam in bending is the concrete
strain g, measured in the mid-span section at the compressive side. In the tests g,
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Figure 8 — Normalized load vs. mid-span displacement under monotonic loading.

was measured by means of the strain gauge D1, up to the occurrence of
cover spalling (at the onset of spalling the strain is denoted as &,). Note
that Beam SCCF-T1 g, was measured only in the first part of the test,
approximately up to the peak load. The values of the ultimate strain g, are
reported in Table 6. All are larger than 0.35% (with the exception of Beam
SCCF-T1), which indicates that the limit of 0.35% for &, is valid - for
design purposes - also for SCC members.

Beam Eeu X 103 Xy [l/mm] KAcrush []/mm] Ms

HSCB-TI1 6.0 2.87 x 107 1.96 x 10 6.83
HSCC-TI1 4.5 2.54x 107 1.42 x 10 5.58
SCCE-T1 6.6 2.75 % 107 1.72 x 107 6.24
SCCF-T1! 2.7 2.81 x 107 0.64 x 10* 2.26
SCCG-T1 7.6 3.54x 107 1.62 x 10 4.58

1 .
€cu. Yerush, Ms = Maximum values.

Table 6 — Results of the monotonic tests.

The values of the tensile strains in the concrete at the intrados of the beams g,
were the mean of the values indicated by the 5 transducers. Thus, the average
curvature y of each beam is defined as:
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where h is the depth of the cross section.

The strains are plotted as a function of time in Fig. 9, separately for Beams
HSCB-T1, SCCE-T1 and SCCG-T1, and for Beams HSCC-T1 and SCCF-T1.
Prior to yielding, the differences are negligible, and even past yielding there are
only slight differences. These results show that — in terms of deformations - the
flexural behavior of SCC beams is comparable to that of vibrated beams. Similar
conclusions can be drawn by considering the plots of the bending moment vs. the
curvature of the five beams (Fig. 10). Prior to concrete spalling, the bending
moment of the beams is almost independent of the concrete mix-design, with the
only exception of Beam SCCG-T]1.

Further experimental results are shown in Table 6, where ¥y, Ycush and pg are
the average curvature at yielding, the average curvature corresponding to &, and
the sectional ductility, respectively, with:

X crus
By = ()
Xy

The sectional ductility’s ranges from 4.58 to 6.83 (with the only exception of
Beam SCCF-T1). In spite of this spread, no significant differences between SCC
and vibrated beams emerged.

3.3 Damage and crack patterns

Figure 11 shows the central zone of the beams at the end of the tests (the spacing
of the vertical lines is 100 mm and the cracks have been marked). The part of the
concrete that exhibited more or less severe spalling at the extrados was larger in
Beams SCCG-T1 and SCCE-T1. The spalling was less severe in the other beams.
Again, no significant differences were detected between SCC and vibrated beams.

Different crack patterns were detected in the two beams made of normal-
strength concrete (NSCD-T1 and SCCG-T1). In the first beam, the length of the
cracked-concrete zone was 380 mm, whereas in the second the same zone had a
910 mm length (6 and 11 main cracks developed, respectively). Hence, in Beam
SCCG-T1 the whole zone with constant bending was damaged, whereas more
concentrated cracking was exhibited by Beam NSCD-T1.

With reference to HSC beams, the crack pattern exhibited no sizable
differences in SCC and vibrated beams. The full results concerning the length of
the cracked zone after testing, the number of the cracks and their average spacing
are given in Table 10, together with the results of the cyclic tests.
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Figure 9 — Plots of the strains €. at the extrados and &, at the intrados for Beams
HSCB-T1, SCCE-T1 and SCCG-T1 (a); and HSCC-T1 and SCCF-T1 (b).
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Figure 10 — Monotonic tests: plots of the bending moment as a function of the
curvature for Beams HSCB-T1, SCCE-T1 and SCCG-T1 (a); and SCCG-T1 (b).
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Figure 11 — Residual crack patterns.
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4. CYCLIC TESTS
4.1 Load—displacement relationship

The cyclic tests were carried out according to the load history of Fig. 4, up to a
maximum displacement d greater than 80 mm. One exception is Beam SCCG-T2,
that was subjected to a single load cycle for each ductility level. At the end of each
test, all the beams were severely damaged and the concrete cover along the
extrados exhibited extensive spalling.

The flexural behavior was similar in all beams: the flexural strength was
governed by the tension reinforcement and the ductility was limited by concrete
crushing along the extrados. On the whole, the results of the cyclic tests were
hardly different from those of the monotonic tests.

Figure 12 shows the load-displacement response of Beam HSCB-T2, which
exhibits the same characteristic points already defined under monotonic loading:
the first-cracking load P, the load Py at yielding, the maximum load P, and the
ultimate load P,. The loads P and Py, as well as the displacement d, were
determined by hand calculations; yielding generally occurred during the 7" load
cycle. These results are reported in Tables 7 and 8, while the curves enveloping
the load-displacement responses are shown in Figs. 13 and 14 (dashed curves for
SCC beams).

The envelope curves confirm the behavior exhibited during the monotonic
tests: the first part of the ascending branches is almost linear and the first cracks
appear close to the mid-span section at the intrados. The second part of the
ascending branches is linear up to the yielding of the tension reinforcement. The
hardening phase ends up with concrete spalling. As an example, Beam SCCG-T2
exhibited severe and sudden spalling in the concrete cover, when the displacement
d reached 50 mm (Fig. 13a).

The tests on HSC beams, made either of SCC or vibrated concrete, exhibited
very similar loads Py and P... Small differences occurred for P.,. These beams
had a residual capacity (after testing) never below 0.80 P,,.x, and the displacement
ductility d,/d, always exceeded the value 6. Only in Beams SCCE-T2 and SCCF-
T2 the ratio P,/P . was slightly lower than 0.80 (0.79 and 0.76, respectively). The
tests on the beams made of normal-strength vibrated concrete (NSCD) revealed a
greater load capacity than that of their counterparts made of SCC (SCCG).

As in the case of monotonic tests, the normalized load-displacement curves are
rather different in the various tests only beyond the yielding point (Fig. 14). The
agreement between My and M,,, is reasonably satisfactory (Table 7).

Additional information on the response under cyclic loading is given by the
secant-stiffness decay and by the amount of dissipated energy due to hysteretic
phenomena. The secant stiffness corresponding to the i cycle was calculated as K;
= P;/d;, where d; is the maximum displacement in the same cycle and P; the
corresponding load (Fig. 12). The growing hysteretic energy E; is given by the
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area enveloped by the P — d diagram. K; and E;, are reported in Figs. 15 and 16 for
the beams T2 (Eygpp is the energy dissipated by an elastic perfectly-plastic SDOF
system in a half cycle with a displacement ductility equal to the actual maximum
ductility).

Needless to say, the behavior of SCC beams is equivalent to that of the vibrated
beams. Similar conclusions can be drawn for the Beams T3.

Beam Po[kN]  P,KN]  Puw[kN]  M,[kNm] M, [kNm]
HSCB-T2 26.70 98.42 103.92 36.91 33.44
HSCB-T3 25.44 100.18 108.62 37.57 33.44
HSCC-T2 24.86 92.20 99.46 34.58 34.09
HSCC-T3 23.56 93.22 97.66 34.96 34.09
NSCD-T2 16.78 99.80 102.18 37.43 32.09
NSCD-T3 15.30 96.42 99.78 36.16 32.09
SCCE-T2 21.26 99.04 105.20 37.14 33.48
SCCE-T3 16.84 96.16 103.28 36.06 33.48
SCCF-T2 23.86 94.26 104.10 35.35 33.75
SCCF-T3 24.98 97.62 105.60 36.61 33.75
SCCG-T2 11.80 85.28 96.18 31.98 31.01
SCCG-T3 14.78 85.92 95.60 32.22 31.01

Table 7 — Cyclic tests : loads and moments at first cracking (cr), at yielding of the
bottom reinforcement (y), at the peak of the load-displacement curve (max) and
according to EC-2 (ru).

Beam Neyeles Ko=Py/d, [kKN/mm] dy[mm] dy/d, P/Pux
HSCB-T2 37 7.46 13.2 6.2 0.85
HSCB-T3 37 7.50 13.4 6.0 0.89
HSCC-T2 37 7.32 12.6 6.4 0.81
HSCC-T3 37 7.08 13.2 6.1 0.86
NSCD-T2 34 7.01 14.2 5.8 091
NSCD-T3 34 6.31 15.3 5.4 0.95
SCCE-T2 36 7.77 12.7 6.4 0.79
SCCE-T3 37 7.69 12.5 6.6 0.82
SCCF-T2 36 7.09 13.3 6.3 0.76
SCCF-T3 39 8.14 12.0 7.4 0.90
SCCG-T2 9 5.65 15.1 5.3 0.83
SCCG-T3 29 6.10 14.1 5.7 0.81

Table 8 — Cyclic tests : number of cycles necessary to reach the maximum preset
displacement (ncycies), secant stiffness in the monotonic test (Ko), displacement at
reinforcement yielding (dy), displacement ductility (d,/dy), and ratio of the load at
the maximum displacement to the maximum load (P/Pay).
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Figure 12 — Cyclic tests - Beam HSCB-T2: characteristic points of the load-
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Figure 13a — Cyclic tests : envelope curves of the load-displacement responses for
Beams NSCD-T2, NSCD-T3, SCCG-T2 and SCCG-T3.
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Figures 13b,c — Cyclic tests : envelope curves of the load-displacement responses
for Beams SCCE-T2, SCCE-T3, HSCB-T2 and HSCB-T3 (a); and SCCF-T2,

SCCF-T3, HSCC-T2 and HSCC-T3 (b).
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Figures 14a,b — Cyclic tests : envelope curves of the normalized load-displacement
responses for Beams SCCE-T2, SCCE-T3, HSCB-T2 and HSCB-T3.
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Figure 14c — Cyclic tests : envelope curves of the normalized load-displacement
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Figure 15a — Cyclic tests — Beams NSCD-T2 and SCCG-T2 : normalized secant
stiffness (Ki/Ky) as a function of the displacement ductility p = d/d, .
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Figure 15b — Cyclic tests — Beams HSCB-T2, HSCC-T2, SCCE-T2 and SCCF-T2:
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Figure 16a — Cyclic tests — Beams NSCD-T2 and SCCG-T2 : normalized
hysteretic energy (Ew/Enepp) as a function of the displacement ductility p = d/d, .
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Figure 16b — Cyclic tests — Beams HSCB-T2, HSCC-T2, SCCE-T2 and SCCF-T2:
normalized hysteretic energy (En/Epepp) as a function of the displacement ductility
p=d/d,.

4.2 Bending moment—curvature relationship and deformations

The compressive and tensile strains €, and g in the concrete at mid-span were
measured (as in the monotonic tests), in order to obtain the average curvature in
the central zone.

Two examples of the strain vs. time curves are presented in Fig. 17 for Beams
HSCB-T3 and SCCE-T3, and for Beams NSCD-T3 and SCCG-T3.

No significant differences between SCC and vibrated beams emerge from these
plots. Hence, even at large strains the behaviors are similar.

Complete information on the deformations in the cyclic tests is given in Table
9 (the symbols are the same as in the case of monotonic tests).

Note that for Beams NSCD and SCCF the ultimate values refer to a situation
immediately preceding cover spalling. The ultimate concrete compressive strain is
always greater than 0.35%, as a further confirmation that this limit is safe for the
computation of sectional ductility, even in the case of SCC.

The sectional ductility ranged from 2.88 up to 7.24 for all cyclic tests. In spite
of this large spread, no significant differences between SCC and vibrated beams
appeared.

The lowest measured ductility (< 5) is that of Beams SCCG and HSCC.
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Figure 17 — Plots of the strains &, along the extrados (in compression) and g, along
the intrados (in tension) in the tests on Beams HSCB-T3 and SCCE-T3 (a); and on

Beams NSCD-T3 and SCCG-T3 (b).
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Beam Eeu X 103 Xy [l/mm] Xcrush [l/mm] Ms

HSCB-T2 3.8 2.60 x 107 1.39 x 10* 5.35
HSCB-T3 5.2 2.81x10° 1.75 x 10 6.22
HSCC-T2 3.8 271 x 107 1.03 x 10 3.80
HSCC-T3 4.0 2.92 %107 1.34 x10* 4.60
NSCD-T2! 5.0 2.96 x 107 9.95x 107 3.36
NSCD-T3'! 47 2.96 x 107 8.53 x 107 2.88
SCCE-T2 6.0 3.39x 107 226 x 10* 6.65
SCCE-T3 5.9 2.56 x 107 1.61 x 10* 6.31
SCCF-T2! 5.7 3.01 x 107 1.89 x 10 6.27
SCCF-T3! 6.7 2.58 x 107 1.87 x 10™ 7.24
SCCG-T2 6.8 3.03 x 107 1.45x10* 477
SCCG-T3 5.2 3.00 x 107 1.47 x 10* 4.88

1 .
€eu. Yerush, Ms = Maximum values.

Table 9 — Results of the cyclic tests.

4.3 Damage and crack patterns

Figures 18 and 19 show the central zone of the beams after testing. The spacing
between two adjacent vertical lines is 100 mm as in monotonic tests. The crack
patterns are very similar in all tests; the number of cracks ranges from 8§ to 13
(average spacing 60 — 80 mm, see Table 10).

Beams HSCB-T2, HSCC-T3 and SCCE-T3 exhibited a damaged zone close to
the right support, and the damage was more concentrated than in the other beams.
However, these differences do not imply any clear trend related to concrete mix
design.

Some differences were observed between Beams SCCG and HSCC. In the first
case, several cracks spaced at 90 mm appeared in the central zone at the beginning
of the tests. Later, the width of these cracks increased up to 1-3 mm. In the second
case, prior to reinforcement yielding, only two cracks appeared at the intrados;
later, the crack pattern became concentrated in a 500 mm-zone located at the right
of the mid-span section.

Also in beams HSCC the crack width was smaller than in beams SCCG.
Intermediate crack patterns were detected in the other eight beams. The cyclic tests
revealed a rather marked brittleness in all HSC beams (either vibrated or made of
SCO).

On the whole, the beams subjected to cyclic loading were damaged very
similarly to those tested under monotonic loading. Hence, the tests confirm the
sizable brittleness of HSC even under cyclic loading.

The maximum load and the ductility were similar to those evaluated by means
of theoretical formulae.
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Figure 18 — Cyclic tests — Tests T2 : residual crack patterns.
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Figure 19 — Cyclic tests — Tests T3 : residual crack patterns.
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Iy Iy, S S2
Beam [mm)] [mm)] l e [mm] [mm)]
HSCB-T1 770 770 12 10 64.2 77.0
HSCB-T2 620 620 9 9 68.9 68.9
HSCB-T3 730 730 11 11 66.4 66.4
HSCC-T1 820 510 9 6 91.1 85.0
HSCC-T2 630 630 10 10 63.0 63.0
HSCC-T3 660 600 10 9 66.0 66.7
NSCD-T1 380 380 6 5 63.3 76.0
NSCD-T2 620 620 8 8 77.5 77.5
NSCD-T3 700 600 10 9 70.0 66.7
SCCE-T1 780 450 10 6 78.0 75.0
SCCE-T2 750 750 12 12 62.5 62.5
SCCE-T3 600 470 8 7 75.0 67.1
SCCF-T1 830 330 12 4 69.2 82.5
SCCF-T2 810 610 11 8 73.6 76.3
SCCF-T3 830 700 12 10 69.2 70.0
SCCG-T1 910 910 11 10 82.7 91.0
SCCG-T2 750 750 13 13 57.7 57.7
SCCG-T3 750 750 11 11 68.2 68.2

Table 10 — Parameters concerning the crack patterns: length of the cracked zone;
number of the cracks; and crack spacing.

5. CONCLUDING REMARKS

The experimental tests carried out on eighteen beams made of normal-strength and
high-strength concrete, either vibrated or self-consolidating, lead to the following
remarks.

The ultimate flexural capacity and the sectional ductility of SCC and vibrated
beams are comparable for the same concrete grade. This conclusion is based on
the maximum load, on the maximum mid-span deformation at the extrados and at
the intrados, and on the average curvature of the specimens tested under
monotonic loading. The cyclic tests revealed that the decays of both the secant
stiffness and dissipated hysteretic energy are similar in SCC and vibrated beams.

Some qualitative differences were observed with reference to the crack pattern
and damage of the beams. These differences, however, were mainly caused by the
different concrete grade rather than by the properties ensuing from the self-
consolidation capability. A rather slight difference between SCC and vibrated
beams was detected by examining the residual crack patterns. The vibrated beams
showed a more concentrated damaged zone compared to that of the SCC beams.
These differences, however, are hardly relevant in design applications.

On the whole, these experimental campaign reveals that the mechanical
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performance of R/C beams in bending does not depend on whether self-
consolidating or vibrated concrete is used. However, it should be noted that —
being the beams tested in this research project lightly reinforced - their bending
behavior is mainly governed by the mechanical properties of the reinforcement.
Hence, further experiments on heavily-reinforced beams should be performed.
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NOTATION

A = area of the tension reinforcement in the mid-span section
As = ultimate ductility of the reinforcement

E. = concrete secant modulus of elasticity

E; = hysteretic energy

Engpp = energy dissipated by an elastic perfectly-plastic single-degree-of-
freedom system

K; = secant stiffness at the i cycle (= P;/dy)

Ko = secant stiffness at yielding of the load-displacement curve under

monotonic loading
= bending moment evaluated with the analytical procedure suggested by
EC2

= bending moment at yielding

= load applied during a test

= first-crack load

= load corresponding to the displacement d;

= maximum load

= ultimate load

= load at yielding

= width of the cross section

= mid-span displacement

= aggregate size

= maximum aggregate size

= maximum mid-span displacement at the i cycle

= ultimate mid-span displacement

= mid-span displacement at yielding
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feewe = concrete cube compressive strength at the onset of testing

foe = concrete cylindrical compressive strength at the onset of testing
foscube = concrete cube compressive strength at 28 days

fogey = concrete cylindrical compressive strength at 28 days

fospiit = concrete splitting tensile strength at the onset of testing
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f; = concrete flexural tensile strength at the onset of testing
fou = ultimate strength of the reinforcement

fiy = yield strength of the reinforcement

h = section depth

1 = total length of the specimen

lgy = total length of the cracked zone after testing

lp = as Iy but including only the cracks propagated above h/2
Ny = total number of the cracks

np = as ny but including only the cracks propagated above h/2
] = stirrup spacing

S = average spacing of the cracks

S = as s; but including only the cracks propagated above h/2
€ = concrete strain at the extrados in the mid-span section
€cu = ultimate concrete strain at the extrados in the mid-span section
& = average concrete strain at the intrados

%) = bar diameter

Y = concrete density / concrete mass per unit volume

X = average curvature

Ly = average curvature at yielding

Yeush = average curvature at cover spalling

Ps = steel ratio of the tension reinforcement

u = displacement ductility

Ls = sectional ductility

extrados = top side, belonging to the compression zone in a simply-supported
beam
intrados = bottom side, belonging to the tension zone in a simply-supported beam.
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R/C COLUMNS STRENGTHENED BY MEANS
OF STEEL ANGLES AND BATTENS:
TESTING, MODELING AND DESIGN

Giuseppe Campione'

ABSTRACT

An experimental investigation on the compressive behavior of eight short,
confined, reinforced-concrete columns, externally strengthened by means of steel
angles and battens with different spacing, is presented in this paper, together with
an analytical model, which considers the strengthened column as a composite
member. The model describes the favorable confining effect exerted by both the
battens and the angles on concrete core, and takes care of the contribution of the
angles to the load-carrying capacity of the column. (The angles are primarily
subjected to an axial force, but some bending occurs because of the lateral angle-
concrete pressure).

The two cases of directly- and indirectly-loaded angles are addressed. The
numerical results are compared with the experimental results available in the
literature and with those provided by other analytical models. The fitting of the
experimental results and the agreement with those obtained by using other models
is satisfactory, for both directly- and indirectly-loaded angles.

The proposed model allows to check and comment the available code
provisions concerning structural strengthening via angles and battens.

' Associate Professor, Department of Aerospace, Structural and Geotechnical
Engineering, University of Palermo, Palermo, Italy.
<campione@diseg.unipa.it>
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1. INTRODUCTION

Several systems aimed to increase the bearing capacity and the ductility of R/C
columns take advantage of the lateral confinement exerted by: (a) traditional steel
stirrups; (b) FRP wrapping; (c) steel jacketing; (d) longitudinal angles and pre-
tensioned steel ribbons [6]; and (d) light-weight or normal-weight concrete
jacketing, to quote some of the available technologies.

Within such a context, the focus of this paper is on steel-jacketing techniques
applied to R/C columns. According to Eurocode 8 [2] steel jackets around square
(or rectangular) columns usually consist of four corner angles connected by means
of continuous welded steel plates, or by rather thick discrete horizontal battens
welded to the angles. The angles may be epoxy-bonded to the concrete, or may
simply adhere to the corners. The battens may be pre-heated prior to welding, in
order to increase at a later stage the confinement exerted by the angles.

A typical case of a column strengthened by means of angles and battens is
shown in Fig.1. Angles and battens exert a confinement pressure on concrete core,
when concrete expands laterally (under compressive loading), to the advantage of
the load-carrying capacity. This technique brings in two favorable side effects:
more ductility (because of the multi-axial state of stress in compression in the
concrete core) and less risk of buckling in the longitudinal bars [1, 3, 5-12].

Depending on the structural details adopted in the beam-column joints, the
angles act as (a) tension and compression members, (b) compression members or
(c) confining devices.

Fig. 1 - R/C columns strengthened by means of angles and battens.
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Angles and battens are extensively used in many countries of the
Mediterranean area, mainly because they do not increase significantly the cross-
section, and are both handy and durable (once adequate protection against fire and
corrosion is provided). As for the design of the strengthened members, including
the evaluation of their load carrying capacity, several tests and theoretical models
are available [1, 2, 4]. Only few studies, however, takes care of the increased load-
carrying capacity ensuing from the coupling of the confinement effect and of the
load directly carried by the angles [10, 11, 14].

In this paper, an experimentally-validated analytical model is presented and
discussed. The tests were carried out on R/C square columns externally
strengthened with angles at the corners and battens welded to the angles.

2. EXPERIMENTAL INVESTIGATION

Eight R/C square columns externally strengthened with four steel angles
connected by a number of battens [12] were tested in compression. The geometry
and the details of the internal reinforcement are shown in Fig. 2.

b T section A-A
L @6/25mm F-a—t
"'/
0124 || a
—. AL
A 4165/~
o
g 3 k) @6/200mm
section B-B
f—a —A
B B T
T 4
b

3=25mm: a=215mm, a'=415mm, b=246mm

Fig. 2 — Geometry and reinforcement of the specimens tested in this project.

The columns were cast horizontally (total length = 1250 mm; mid-portion
length = 600 mm; side of the square cross-section = 215 mm). All specimens were
reinforced with four & 12-mm longitudinal bars and & 6-mm closed stirrups
spaced by 200 mm. The specimens had dog bone-shaped end portions, which were
reinforced with eight & 12-mm longitudinal bars and & 6-mm stirrups spaced by
65 mm, this additional reinforcement being aimed to avoid any premature failure
of the end portions during the tests. The steel ratio of the transverse reinforcement
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was pg = Ag/(s-a) = 0.131%, where Ay is the total area of the stirrups over the
spacing s, and a is the side length of the section. The steel ratio of the longitudinal
reinforcement was pg = Ag/a® = 0.98%, where Aj is the total area of the
longitudinal bars. (The geometric percentage of the longitudinal reinforcement
adhere to neither the European nor the American design codes, but is typical of
many columns designed only for gravity loads).

Some of the columns were also externally strengthened with angles and
battens welded to the angles. The geometry of the angles was: length = 600 mm,
width = 30 mm, and thickness = 3 mm, while the geometry of each batten was:
length = 185 mm, width = 30 mm and thickness = 3 mm. The ends of the columns
were laterally expanded to localize the failure in the central portion of the shank
and to have the angles directly loaded in compression.

The battens at the end sections of the central zone of each specimen (length =
600 mm, see Fig.3 for details) were wider (width = 40 mm) and thicker (thickness
= 5 mm). The angles were glued to the concrete by means of an epoxy mortar,
while the battens were externally welded to the angles (no epoxy mortar between
each batten and the concrete).

In more details (Fig.3), the experimental program included 8 R/C specimens:
2 without angles and battens; 2 reinforced with angles and battens placed only at
the ends of the central part; 2 as in the previous case, but with an extra batten in
the mid-height section; and 2 reinforced with angles and equally-spaced battens (4
battens spaced by 200 mm).

The stiffer battens adopted at the ends of the central part of each specimen
were aimed to increase locally the confining action and to guarantee the
transmission of the load to the angles.
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Fig. 3 — R/C specimens without external reinforcement (a), and with angles and
battens (b,c,d).
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The spacing of the stirrups adopted in the central part of the columns provided
a low confinement level and was chosen in such a way that the yielding of the
longitudinal bars, the spalling of their concrete cover and their buckling occurred
simultaneously. One of the objectives was to evaluate the influence of both angles
and battens in preventing (or delaying) the buckling of the longitudinal bars.

The mix design of the concrete included Portland cement (ASTM Type 1) and
a water/cement ratio equal to 0.57 (Table 1). This mix design is not the best for a
structural concrete (f, = 15-20 MPa, and even 10 MPa). Such a strength, however,
is often found in many constructions built after the 2" World War in the
Mediterranean area. Since the required strength for design purposes may be higher
than the effective strength (measured in situ), the strengthening technique based on
angles and battens appears to be well suited to increase the safety level of these
low-quality structures.

For the mechanical characterization of concrete, four 100x200 mm cylinders
were tested in compression (to measure f) and four in tension (splitting tests, fi,)
at 28 days, see Table 1.

Table 1 — Mix design and mechanical properties of concrete.

Constituents Mass per unit Mechanical properties
volume (kg/m’) (MPa)
Cement 300 f. fisp
Water (w/c) 170 (0.57) 10.3 1.87
Sand 1040
Natural gravel 980
(d, =20 mm)

For the mechanical characterization of the longitudinal bars (@ = 12mm) and
of the transverse reinforcement (@ = 6mm), direct tensile tests were carried out.
The values of the strength at yielding f, are given in Table 2. The steel used for
both the battens and the angles is classified as S 235 according to Eurocode 3 [15]
(fy =239 MPa).

Table 2 — Mechanical properties of the reinforcement.

Diameter (mm) f, (MPa)
12 461
6 480
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To perform the displacement-controlled tests, a 4000 kN-press manufactured
by Zwick/Roell & Toni Technik was utilized. The vertical load was applied to the
columns by interposing two 20 mm-thick steel plates between the specimen and
the loading platens. Only the vertical displacement (axial shortening) was recorded
by means of four LVDTs (base-length = distance between the steel plates).

Fig.4 shows the load-axial shortening (P-3) curves recorded during the tests (2
curves for each of the four specimen types).

All the response curves are characterized by an initial linear-elastic branch up
to a value of approximately 30% of the peak load. (For any combination of angles
and battens, the initial stiffness is very close to that of R/C columns = no angles
and battens).

After this first — and rather limited - stage, a progressive loss was observed for
the axial stiffness, with a nonlinear behavior up to the peak-load. (This loss was
more pronounced in R/C specimens).

As should be expected, the load-carrying capacity of the columns markedly
increases if angles and battens are introduced. As a matter of fact, the angles
contribute directly to the load-bearing capacity by increasing the resisting section,
and indirectly — together with the battens — by improving concrete strength via
lateral confinement.

The effect of the battens depends on their spacing, as the smaller the spacing,
the larger the contribution to the load-bearing capacity.

In all cases, past the load peak there is a prolonged softening.
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Fig. 4 - Load-axial shortening curves (P-0): R/C = no angles and battens.
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In R/C specimens, the strength degradation measured in the softening phase is
due first to concrete crushing and then to the buckling of the longitudinal bars
(Fig.5a). When angles are introduced, the cover contribution becomes more
effective because of the delayed spalling process. If there are no battens in the
central part of the specimen, the angles buckle in the softening phase because of
their large slenderness and of the loss of stiffness due to steel yielding (see
Fig.5b). When battens are placed in the central part of the specimen, a more
ductile behavior is observed, because of the increased confinement (Fig.5c¢).
Furthermore, the angles and the distributed battens prevent the longitudinal bars
from buckling, and allow the axial shortening to attain higher values.

(a) (b) ()
Fig. 5 — Typical failure of the specimens: (a) no angles and battens; (b) with
angles and 2 end battens; and (c) with angles and 3 battens.

To have indications on structural ductility, the ductility factor p was
calculated. This factor is the ratio between the displacement measured in the
softening branch at 0.85 P, , and the displacement corresponding to Ppx.

In the specimens devoid of angles and battens, the value of the ductility factor
was 1.48, while in the specimens provided with angles a slightly higher value was
reached (1.5). In the specimens with angles and battens (spacing = 300 and 200
mm), the ductility factor was 2.20 in the former case and 2.44 in the latter case.
Summing up, as should be expected, the ductility factor increases if the battens are
more densely spaced, and so the overall ductility of the column.

3. MODEL FORMULATION AND APPLICATION
TO A REFERENCE CASE

The case examined theoretically refers to a column with a square cross-section
(side b, Fig.6) strengthened with steel angles (side L, thickness t;) and battens
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(length s,, thickness t, and spacing s). Moreover, fi;, and fy, are the strengths at
yielding (battens and angles, respectively). The steel is assumed to have an elastic-
plastic behavior. Possible failures in the welded sections are not considered. The
angles are assumed to be in contact with, but not bonded to the concrete.

Indirectly- and directly-loaded angles (Figs.6a,b) are considered, including 2™-
order effects.

To take into account the confinement exerted by the traditional reinforcement
(longitudinal bars and stirrups), the model proposed in [13] was adopted.
Moreover, as already mentioned the contribution of the longitudinal bars to the
load-carrying capacity was evaluated by assuming an elastic-plastic behavior for
the steel (buckling was disregarded, since angles reduce the risk of bar buckling).

(a) (b)
. :
— steel battens
[ [ 1 [ Ls2
L1 2L L1

2 oo . T T e

[
[ 1

b —

steel angles

Fig. 6 — (a) Indirectly- and (b) directly-loaded angles.

The model proposed in the following is aimed to describe the behavior in
compression of a concrete column strengthened with steel angles and battens, with
reference to two cases (steel angles directly and indirectly loaded). The strength of
the angles and their 2"-order effects are taken care of as well.

The response of the columns is determined on the basis of the responses of the
confined core and of the steel angles.

3.1 Calculation of the equivalent uniform confinement pressure

To calculate the confinement pressure in the transverse planes containing the
battens and in the concrete volume between two contiguous battens, the starting
point is the transverse expansion of the axially-loaded column, which depends on
the value of the Poisson’s ratio and on the transverse size of the structural member.
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Cross-sections are assumed to be in a biaxial state of deformation,
characterized by a lateral expansion 6 = v € b/2 along each side. To determine the
confinement pressure at batten level, the procedure proposed by Campione [14] in
the case of concrete columns provided with stirrups and longitudinal bars is
adopted. Reference is made to a quarter of the transverse cross-section (Fig.7a). As
a further simplification, a one-dimensional model is assumed for the lateral
expansion [14] (Fig.7b).
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Fig. 7 — Simplified model for concrete-reinforcement interaction: (a) 2-D model;
and (b) 1-D model.

The stiffness of the springs (acting in the direction perpendicular to beam axis)
has the following formulation [14]:

E

C

R (|

The flexural stiffness of the battens depends on the moment of inertia of their

cross-section I:

3
_Sh

12

The equation of the deflection curve for a batten resting on the cohesionless
soil represented by the springs is governed by the following differential equation,
where w is the lateral displacement and, 0 is the transverse deformation of the
unconfined concrete column:

d'w  k,
2 +
dx* E_ -1

S

where v = v, = concrete Poisson’s ratio )

I 2

(8-w)=0 3)
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The solution of Eq. 2 has the following well-known formulation:

W(x) =0+ A -coshfBx-cosPx + B-senhPx-senfx +

4
+c-senhfx - cosPx + D-coshPx - senfx )
where the parameter [ (= relative stiffness) has the following expression:
k, -A,
=4 ——= 5

B=4aE 1 5)

Being A, =t, -s, the area of the battens, Eq.5 can be written as:
3 E,
B=y— (©)
b- tz Es : (1 - V)

It is clear from Eq.6 that the stiffness of the system batten+concrete depends
on the Young’s moduli of the materials and on the geometry of the batten. To
calculate the four constants A, B, C, D the boundary conditions should be enforced
for the batten.

As previously mentioned, the angle (which is span-wise continuous and whose
thickness is larger than or equal to that of the batten) has a flexural stiffness that is
much larger than that of the batten. Therefore, the displacement wy(x), for the
entire stretch L, is roughly constant and tends to coincide with the displacement
9, corresponding to the elongation induced in the batten by the tensile force F

acting during the restrained lateral expansion. The displacement w;(x) can be
formulated as follows:

L L
w,(x)=68,=F- L+ 2 (7)
E,-s-t; Eg-s -t

where Eg; and Eg, are the Young’s moduli of the angles and of the battens,
respectively (in case of steel Eg; = E, = Ey).

For the beam of length L, (Fig. 7b) subjected to the displacement w(x), the
following boundary conditions have to be enforced:

WZ(X)|X=() = 81 M = 0’
& o ®)
—W23(X) =0, dw,(x)
dx’ | — =0
R dX x=L,

where the origin of the coordinate x is at the connection between the batten and the
angle (x = 0) and 2L, is the clear length of the batten. By using Eq.8, the following
expressions can be worked out for A, B,C, D:
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A=38-5
[Sen(BL,)- Cos(BL,) —Senh(BL,) - Cosh(BL,)]
[Sen(BL,) - Cos(BL,) + Senh(BL,) - Cosh(BL,)]

B=(5,-9)

©))
[Cos®(BL,) - Cosh®(BL,)]
[Sen(BL,)-Cos(BL,)+Senh(BL,)-Cosh(BL,)]

C=(5,-9)
D=-C

3.1.1 Evaluation of the uniform equivalent confining pressure

According to [14], the confining pressure q(x) can be assumed as a linear function
of the stiffness k, of the concrete and of the effective displacement, the latter being
the difference between 6 and w:

a(x)=k, -[8-w(x)]s, (10)

It should be observed that Eqs.9 contain also the unknown 0, (= effective

elongation of the steel batten, that is a function of the unknown axial force F).

Moreover, the confinement-induced pressure (x) at batten level does not
reflect the variability of the pressure between two contiguous battens; therefore, an
“effectiveness” coefficient A(z) has to be introduced. As proposed by Campione
[12], at any given point at the distance z from the batten the value of the pressure
can be expressed by multiplying the pressure q(x) by A(z):

p(x,z)=q(x)-A(z) (11)

The confinement pressure exerted by the angles is accompanied by shear
friction, which is proportional to q(x) as shown in Fig.8, via the frictional
coefficient p (for instance, u = 0.5, see Adam et al. [9]).

q4c) q0)
ATuq(‘X) uq(X)T
F F

Fig. 8 — Plot of the confining pressure at batten level.
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Therefore, the resultant of the confining pressure is:
L/2 s/2 L/2
R=[p(x,z)-dx-dz=2-(1+p)- [qx)dx- [A(z2)dz=2-(1+p)-k,, s, [q(x)dx (12)
v 0 0 0
where kg, has been introduced by Campione [14] in the following form:

2 28

k,=[A(z)-dz=¢ 2° (13)
2

Finally, equilibrium requires that the resultant of the confining pressure acting

in the plane of the batten and in the space between two contiguous battens be equal
to the axial force acting in the legs of the battens:

(14)
e v-e-b-k,
(] + H) i . i + L2 + 1 >
E, (s-t; s.-t, o kL +5. coslt’ BL, —cos’BL,
2 B | senBL, - cosL, +senlBL, - coshpL,

Should the influence of the confinement pressure acting along the battens be
disregarded (for instance because there is no contact between the concrete and the
battens), Eq.14 would assume the following simplified expression:

()

Fz veerhee (15)
1 (L L b-(1-v
(1+H) . L 2 + ( c)
E, \(s-t; s,-t,) E. -s,-L,
. . . 2-F
Therefore, the uniform equivalent confining pressure, defined as f] (8) = s
‘S
(see Mander et al. [13]) has the following formulation :
158
2-v-g- e( b]
fi(e)= (16)

S

(1+u)'s~{l~[L1 il }rb'(l_\“)}
E, \s-t, s,-t,) E -s,-L,

where E; is the elastic modulus of the steel, E; and v = v, are the elastic modulus
and the Poisson’s ratio of the concrete, and p is the frictional coefficient at the
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steel-concrete interface. Eq. 16 shows that the equivalent uniform confining
pressure is variable during the loading process (E., v , €) and depends on: (a)
thickness (t,), length (s,;) and spacing (s) of the battens; and (b) side (L;) and
thickness (t;) of the angles.

The confining pressure given by Eq. 16 is variable with the axial strain and
reaches its maximum value when the battens are at yielding. (Note that in Eq. 16,
F reaches its maximum value for fy;, = E, €y, and &y, = v €). If the concrete core is
assumed to be perfectly stiff (E. = o) and the design strength fy4 of the battens is
introduced in Eq. 16, one obtains:

133, o

flme\x -
L L
ol Ty 2
st 8,

Eq.17 can be simplified by neglecting the stiffness of the battens compared to
that of the angles (t; = ) and by assuming L, = b :

(17

f,

Imax

=033-p, -f,, -e(%%j (19)

y
where p (= steel ratio of the battens) is defined as follows:
_4-tys,

20
b.s (20)

Ps

3.1.2 Strength of confined concrete

To evaluate concrete compressive strength in confined conditions, the analytical
relationship given in Eurocode 8 [2], is used, but the confining pressure is assumed
to be a function of the axial strain. Therefore, the maximum compressive strength
at each axial-strain level has the following formulation:

f( ) 0.87
f=f 1+3.7-[1f_‘°'] @1

The load carried by the core is given by the product of the compressive
strength f,, time the cross-sectional area (b?).
The corresponding strain according to Mander et al. [13] model is:

f
= J1+5 =-1
€. =& { + [fc H (22)
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3.2 Contribution of the steel angles to the bearing capacity

The contribution of indirectly- and directly-loaded angles to the bearing capacity
of the column (2™-order effects included) should be considered as well [10, 11].

3.2.1 Strength contribution due to the yielding of the steel angles

The angles are subjected to the coupled effects of the axial force and of the
bending moment (Fig.9), the latter resulting from the lateral expansion of concrete
core.

Fig. 9 — Simplified modeling of the angles.

The axial force is related to the shortening of the column in the case of
directly-loaded angles, and to the interfacial friction occurring at the contact
between each angle and the concrete in the case of indirectly-loaded angles
(Fig.9). Each part of an angle (comprised between two contiguous battens) is
modeled as a fixed-end beam subjected (along its symmetry plane) to the
distributed force resulting from the confining pressure (q =2 - \/%, / 2-f-L, )and
to the force Ny (induced by the axial shortening in directly-loaded angles) or to
the force Nyr (induced by shear friction in indirectly-loaded angles):

N, =(2-L,-t,) ¢ E, (23)
Ny =(2-L,-s)-p-f, (24)

The maximum design moment Myn.x is a function of the confining pressure
acting along the angle and can be calculated on the basis of a simplified model
(fixed-end beam). Assuming for the confinement pressure an even distribution
from batten to batten (in fact, it is larger near the batten-angle connections and
smaller at midspan between two contiguous battens), the maximum moment has
the following expression:
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1 2
M, =—-q-s 25
dmax 12 q ( )

Assuming (as already mentioned) for the steel an elastic-plastic behavior, the
ultimate strength envelope (M, *, N,*) can be worked out.
The ultimate axial force in a steel angle has the following expression:

N,=(Q2-L,-t)f (26)
while the ultimate bending moment in pure bending is:
L12 4
M, ==, @7)

If an axial force is applied, the ultimate bending moment is given by Eq.28 [11]:

M, =M, -M° (28)
where
d * . N*
M, =N, -d with d=——— (29,30)
16-fy -t

By replacing Eq.27 and Eq.29 in Eq.28, the following relationship is obtained:

2 *
Mu* _ L1 . tl 'fy _ (Nu )Z S Mu (31)
4 16-f, -1,

In directly-loaded angles, by imposing M,* = Mgy, and f; = fi.x, it is possible
to obtain from Eq.31 the ultimate axial force taking into account the bending
moment in the angle:

N, =46, (g f, L2 -4-M) ) <N, (32)

Figure 10 shows a set of typical strength envelopes obtained from Eq.31 for
three geometries of the steel angles (50x5 mm; 50x8 mm; and 50x10 mm), steel
grade S 275 (Eurocode 3 [15]).

It is interesting to observe that in both directly- and indirectly-loaded angles
the ultimate axial force is significantly lower than the ultimate axial force.
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In the case of directly-loaded angles, and for the spacing of the battens adopted
in this study, the maximum axial load is almost constant, as indicated by the small
squares in Fig.10.

O direct loaded

1.6 ] indirect loaded
. L 50*8 L 50*10
M, (kNm) 121
L 50*5
0.8 A
0.4
0 T T T T T
0 50 100 150 200 250 300

N, (kN)

Fig. 10 - Axial force — bending moment envelopes for angles loaded along their
symmetry plane.

3.2.2  Check of the stability (buckling) of the angles

With regard to the stability conditions of the angles subjected to an eccentric axial
force, a simplified model is shown in Fig.11. The proposed model refers to a
buckled fixed-end angle (s = batten spacing). Two rigid bars are connected by
means of an elastic-plastic hinge, under the coupled effect of the axial force N and
of the transverse confinement-induced load (q).

Let us now write the equilibrium conditions for the buckled angle:

2

Nc-wh—2-Mu*+q-Ll-%:0 (33)

The compatibility condition can be formulated as follows:
SV:s—2-(§]-cosezs-(l—cose) (34)

where wy, = lateral displacements, 8 , = axial shortening and 0 = angle defining
the configuration after buckling.
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Fig. 11 - Failure mechanism of buckled angles.

Therefore, a further relation between wy,, s and 6 with € = 8/ S can be written:
wh:%-senezg-\/l—cos2 :% —%-\/2-8—82 (35)

Finally, introducing wy, (see Eq. 35) into Eq. 33 makes it possible to obtain the
following relationship:

2

N =i-(Mu*—q-%-LljsNu (36)

For any value of the ultimate moment, Eq.36 provides the critical axial load. If
(a) N, is divided by the area of the steel angle, (b) the expressions of q and M, * are
introduced into Eq.36, and (c) Eq.36 is divided by the area of a single angle, the
critical stress has the following form:

IS B _[2‘(le-t1-fy (N)szfL 2} 37

¢ S‘L]'tz w/2-8—82 4 16-f

Furthermore, M, * is given by Eq.31 and q is assumed as q =2 - V2 / 2-f-L,
with f; given by Eq.19. If in Eq.37 N,* is assumed to be variable with the axial
strain (see the relationship: N=¢-2-L,-t,-E <N ), the stress-strain curve of

the buckled angle can be obtained, as shown by the plots in Fig.12, where the
normalized stress-strain curves include the elastic-plastic behavior of the angles,
without buckling. The previously-examined cases refer to the following geometry:
for the angles width 50 mm and thickness 8 mm; for the battens: spacing = b/2, b,
2b (where b = 300 mm), width 50 mm and thickness 8 mm.

It is evident that for s = b and b/2 buckling occurs after steel yielding, while
for s = 2 b buckling occurs in the elastic range. Finally, should the thickness of the
angles be smaller (for instance 3 mm), buckling would always occur within the
elastic range.
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Fig. 12 - Stress-strain curves for the angles in compression, buckling included.

4. STRESS-STRAIN CURVES OF CONFINED CONCRETE
AND NUMERICAL INCREMENTAL PROCEDURE

To work out the stress-strain curve (and therefore the axial load-shortening curve)
of a composite column, including the lateral confinement, a suitable numerical
procedure is proposed in the following.

The starting point is the equation introduced in [13] to describe the stress-strain
curve. This equation is extended to take care of the confining pressure
corresponding to the current axial and lateral strain values.

The above-mentioned procedure is based on the following steps:

e assume an initial value for the axial strain g;
e compute the lateral displacement &=V - S-b/ 2 by adopting for v a

formulation as a function of € [16]); calculate the effective confinement
pressure fj, the peak strength f,. and the corresponding strain g.. via Eqgs.25, 27,
28;

e evaluate ¢ by means of the equation introduced in [13] (on the basis of
concrete actual secant elastic modulus);

e repeat this procedure for various values of the axial strain; and

o work out the complete stress-strain curve.

The stress ¢ was multiplied by b’ to evaluate the axial load P and the strain &
was multiplied by H (height of the column) to work out the average shortening 9.
The total external load was determined by including the contribution of the angles,
with their nonlinearity and buckling.
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5. EXPERIMENTAL VALIDATION OF PROPOSED MODEL

Several studies have been published on columns externally strengthened by means
of angles and battens [1, 6, 7, 9]. In most studies information was limited to the
load-carrying capacity, and only in a few cases the information concerned the
load-shortening curve [6,9], as required for the sake of comparison.

The tests by Adam et al. [9] (Fig.13a) refer to full-size columns loaded in
uniaxial compression (length = 2500 mm; section = 300x300 mm). The columns
were strengthened by means of angles (L 80x8 mm) and battens (270x160x8 mm;
spacing 475 mm). The steel type was S 275 (f; = 275 MPa, Eurocode 3, 1993) and
concrete compressive strength was comprised between 11 and 16 MPa.

Two types of similarly-strengthened columns were tested. In Type A columns
(two specimens), the indirectly-loaded angles were mutually connected only by
means of welded end-battens. In Type B columns (two specimens), the angles
were directly loaded, since they had end capitals (80x80x8 mm), but no end
battens.

The model proposed in this study is shown to efficiently describe: (a) the
contribution of the confinement to both the bearing capacity and the ductility, and
(b) the contribution of the angles to the bearing capacity. The tests show also that
the columns provided with directly-loaded angles (Specimens B) have a slightly
lower bearing capacity than the columns provided with indirectly-loaded angles
(Specimens A). This fact is taken care of by the proposed model through the
buckling of the angles (Fig.13b) when the angles are directly loaded. Since
buckling does not occur in indirectly-loaded angles, the confining pressure is
higher, to the advantage of the load-bearing capacity. The model fits very
satisfactorily the experimental results, and confirms that in both cases the full axial
resistance of the steel angles is not reached (and so the maximum confinement
effect), because of the state of stress in the angles (moment and axial force with
2" order effects).

The tests by Dolce et al. [6] refer to shorter columns (length = 800 mm;
section = 300x200 mm). Two types of columns with the same indirectly-loaded
angles (L 50x5 mm; length 750 mm), but different battens were tested. Columns
SJ (Fig.14a) had traditional carbon-steel battens (260x50x5 mm/160x50x6 mm,
along the longer and shorter side, respectively; spacing = 200 mm). The steel type
was Fe 360 (f, = 235 MPa, according to Eurocode 3) and concrete compressive
strength was close to 13 MPa. Columns CAM (Fig.14b) had high-strength
stainless-steel battens manufactured from ribbons (width 19 mm; thickness 0.8
mm; spacing 40 mm; f, = 780 MPa; each batten was mechanically fixed to the
angles).

In the analytical model, an equivalent square section (side = 245 mm) was
adopted (same area as in the actual 200x300 mm section). Fig.14 shows that in
both cases (SJ and CAM Systems) the fitting of the test results is satisfactory, and
that the bearing capacity predicted by the proposed model is in good agreement
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with Eurocode 8 [2]. It should be observed that in the case of the CAM System
(Fig.14b) a reduction factor was applied to the strength of the ribbon-like battens,
to take care of the stress concentration at the corners of the cross-section.

The CAM System is not only very effective, but can be applied more easily
than the SJ System. However, because of the brittleness of the stainless-steel
ribbon-like battens and because of the nature of their connections to the angles, the
occurrence of a brittle failure in the battens or in their connections to the angles
may nullify the contribution of the system angles + battens, because the
confinement disappears once the angles buckle, something that does not occur in
the SJ System.

3000

Specimen A

a)

2500

Specimen B

2000

Load (kN)
@
o
o
‘

Analytical

1000 1 e Experimental - Adam et al. (2007)

500 -

0 4 8 12 16 20 24
Shortening (mm)

b)

0.8

ocl fy
=}
)

0.4 1

0.2

0 4 8 12 16 20 24
Shortening (mm)

Fig. 13 — (a) Load-shortening curves for the columns tested by Adam et al. [9]
(indirectly-loaded angles in Specimens A; directly-loaded angles in Specimens B);
and (b) stress-strain diagram for a single directly-loaded angle.
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Fig. 14 — Load - shortening curves for the columns tested by Dolce et al. [6]; all
specimens were provided with angles and battens: (a) traditional carbon-steel
battens (SJ System); and (b) stainless — steel ribbon-type battens (CAM System).

6. DESIGN CONSIDERATIONS AND SIMPLIFIED PROCEDURE
TO PREDICT THE LOAD-CARRYING CAPACITY

Eurocode 8 [2] has specific design provisions for R/C columns strengthened by
means of battens and angles. For instance, the spacing between two successive
battens should not be larger than b/2. In the case of rectangular columns with
rather oblong sections, steel ties crossing the member should be provided in order
to reduce the free length of the angles between the battens.
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Eurocode 8 [2] prescribes also that the minimum mechanical ratio of the
battens @, (referred to the spacing s) should be at least 0.07, 0.11 and 0.13 with
reference to the ductility classes L, M, H (low, medium, high), respectively.

The mechanical ratio of the battens ®, is defined as follows:

f
o, =p, % (38)

cd

where f4 and fy4 are concrete and steel design strengths (Eurocode 2 [17] and
Eurocode 3 [15]). These values are a function of concrete cylindrical compressive
strength (unconfined concrete, f;) and of steel strength at yielding (fy, , battens),
respectively.

According to Eurocode 8 [2], both angles and battens contribute to column
bearing capacity through their confining action, but the angles (assumed to be
indirectly loaded) do not contribute directly with their resisting section.

Hence, the only resisting section is that of the concrete core, whose area (b’
for a square section having side b) should be multiplied by the compressive
strength of the confined concrete (f,.).

Being:

¢ ¢ 0.87

i=1+3.7-(ﬂ] )
cd cd

fimax 1S the equivalent confining pressure expressed, according to Eurocode 8 [2]:
2 (b-2-L,) s Y

f, =05-p f |l-=— | |1-— 40

Imax pS yd ( 3 b2 2 . b ( )

Eq.40, which was worked out independently in [5], and in [18], provides the
average confinement pressure.

If Eq.40 is introduced into Eq.39, the load-carrying capacity of the confined
concrete has the following expression:

0.87

2 2
P =f, -b> 1+2.02-(ms-[1—§-(b_i2'L1) ]-[1—;]3} ] (41)

Contrary to Eurocode 8 [2], Eurocode 4 [4] considers the R/C column
strengthened by means of battens and angles as a composite column. In this case,
the load-carrying capacity results from the combined contributions of the
unconfined concrete core, of the angles and of the longitudinal bars (assumed to be
yielded). Should the bars be neglected and angle buckling ruled out (because of
the battens), the following expression would apply:
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P, =0.85-f,-b>+8-L,-t,-f, (42)

Should the battens be replaced by a full steel jacketing (s = 0), the factor 0.85
in Eq.6 may be put equal to unity.

In order to model the strengthened R/C column as a composite member,
certain minimum and maximum values for the reinforcement ratio of the angles
should be respected, as specified in Eurocode 4 [4]:

5 < 8-L,-t,-f,
©0.85-f,-b>+8-L,-t,-f

yd

<0.9 (43)

If the mechanical ratio of the angles m, is introduced:

=8~L1-t1.f£

o, (44)
b? £

and reference is made to ®, in Eq.43, the following limitations come out:
0.222<wm, <2.33 (45)

Eurocode 4 [4] prescribes that the spacing of the battens be reduced to avoid
angle buckling and the normalized slenderness be lower than two.

In agreement with Eurocode 8 [2], in [1] the increased load-carrying capacity
of strengthened R/C columns is justified through the passive confinement induced
by both the battens and the angles (the use of equilateral angles is suggested with:

side > 50 mm; thickness > 5 mm; L, >02-b; t, >0.1-L, =0.02:-b;
H  =H-0.05 [m]).

ang

Analogously, for steel battens it should be:

. 04<3<075:
b

o t,<t;
2
20.004~b .

S,
t,

Following the indications contained in [1] and choosing t, =0.02-b ;

0.004-b’
% =04;s, = t—; fya =250 MPa and fq = 15 MPa (steel grade S275 and
2
concrete grade C18/25 MPa, see Eurocode 3 [15] and Eurocode 2 [17]) the
minimum value of ® turns out to be 0.18. Therefore the strengthened member is

in the high-ductility class according to Eurocode 8 (2003).
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Adopting t, =0.02-b ; L, =0.2-b (as suggested in [1]), fys =250 MPa and
f.a = 15 MPa (steel grade S275 and concrete grade C18/25 MPa), the minimum
value of ®, turns out to be 0.48. This value is comprised betwen 0.2 and 0.9;
hence, the strengthened member is a composite column in accordance with
Eurocode 4 [4].

On the basis of the previous comments, following the indications contained in
[1] (which are very reliable whenever the evaluation of the increased load-bearing
capacity and the avoidance of angle buckling are at issue in a strengthened R/C
column), composite action and passive confinement characterize the structural
behavior of a column. Therefore, it is necessary to develop a unified analytical
model able to include (a) the confinement effect induced by both the angles and
the battens (Eurocode 8), and (b) the direct contribution of the angles (Eurocode
4).

By using the proposed model and by introducing Eq.19 into Eq.39, the
normalized load-carrying capacity of the confined concrete core can be written in
the following form:

[ Sj 0.87
,1_5,7
n:5=1+1.4z- o, e P (46)

cd

Hence, the load carrying capacity of the confined core P, is:

s 0.87
. '5.,]

P .=f, b |1+1.42. oas~e( b (47)

The capacity N,* (Eq.33) may be put in a normalized or dimensionless form,
by introducing N, (= maximum axial force developed by directly-loaded angles);
the expression of n, = N,*/N, is as follows:

n o= [1-063-L. %- ! [53) (48)

The use of Eq.48 confirms that when R/C strengthened columns behave as
composite members, a sizable share of the load-carrying capacity is developed by
the directly-loaded angles. However, should the passive confinement increase, the
load carried by the angles would decrease. Similar effects are observed in
concrete-filled steel tubes (Eurocode 4 [4], Part 4.8.3.3).

Should buckling effects be absent (for instance, because the indications on the
spacing of the battens given in [1], or the provisions of Eurocodes 8 [2] and 4 [4]
have been adopted in the design), the load-carrying capacity of the composite
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member may be calculated by merely considering the contributions of the confined
core and of the directly-loaded angles:

[ s] 0.87
-1.5—
P =f,b°-[1+1.42-| o -e* ° +

u

Of the two terms appearing in Eq.49, the first brings in the favorable effect
that the confinement has on the load-carrying capacity, and the second takes care
of the contribution of the steel angles (composite action).

7. PREDICTION OF THE LOAD CARRYING CAPACITY

A comparison among the experimental results available in the literature [1, 6, 7, 9]
(see Table 1), and the numerical results obtained by means of the proposed model
and of other models available in the literature (see [1,3,4], EC4 [4] and ECS8 [2])
is carried out in this section. More recent papers, however, may give fresh and
useful information (like [19], whose results are not included in this study).

Fig.15a refers to the influence that the spacing of the battens has on the
normalized axial force n, = N,*/N, in strengthened R/C columns (the cross-
sectional area of the battens is assumed to be constant). As should be expected, the
closer the battens, the larger the load-carrying capacity (+20-70% for s/b = 0.40-
0.75). The analytical model fits very well the test results by Cirtek [1].

Fig.15b refers to the influence that the cross-section area of the battens has on
the load carrying-capacity. The spacing of the battens is assumed to be constant. In
this case too the analytical results fit very well the test results by Cirtek [1].
Increasing the area of the battens brings in an increase of the load-carrying
capacity (up to +80% within the range investigated in this project).

Finally, in Figs.16a,b the experimental results and the analytical values
predicted by the above-mentioned models are compared.

In the application of the models, the contribution of the directly-loaded angles
is included.

Figs.16a,b refer to indirectly-loaded angles (i.e. the angles are shorter than the
columns) and directly-loaded angles, respectively.

The fitting of the test results clearly shows that the majority of the models
examined in this project provide acceptable and conservative predictions, with
Eurocode 8 [2], Cirtek [1] and the proposed model giving the best predictions
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N,

Fig. 15 — Diagrams of the normalized axial force versus: (a) the ratio between the
batten spacing and the section side; and (b) the normalized area of the battens.
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(Fig.16a), and Braga et al. [3] giving the most conservative predictions. Eurocode
4 [4] is too conservative (the confinement is ignored). On the contrary, Fig.16b
shows that Eurocode 4 [4] is more accurate than Eurocode 3 [15]. However, the

best fitting is provided by the model proposed by the authors.

In Table 3 the values of the mean ratio between the experimental results and
the analytical predictions, and the values of the standard deviation are given.
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Fig 16 — Fitting of the test results: (a) indirectly-loaded angles; and (b) directly-
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8. CONCLUSIONS

In this project, a number of tests on confined R/C columns externally strengthened
by means of steel angles and battens was carried out, in order to have first-hand
experimental evidence to validate a new analytical model. Comparisons were also
made with a number of analytical models and experimental results available in the

literature.
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TABLE 3 — Load-carrying capacity: experimental and numerical results.

Reference Pexp/Pin Standard Deviation
Directly- | Indirectly- | Directly- | Indirectly-
loaded loaded loaded loaded
angles angles angles angles

Cirtek [1] 1.44 1.25 0.68 0.23

Braga et al. [3] 1.32 1.21 0.50 0.18

Eurocode 8 [2] 1.38 1.18 0.60 0.23

Eurocode 4 [4] 1.31 2.38 0.67 0.89

Proposed model 0.93 1.09 0.11 0.20

According to the existing design-oriented literature, R/C strengthened columns
with angles and battens exhibit a higher load-carrying capacity and ductility,
provided that the confining reinforcement is properly designed and detailed.
Furthermore, should the angles be directly loaded, the behavior of the columns
would be a “composite behavior”, with the plus of the favorable confinement
effect exerted by the system of the angles and of the battens.

The analytical model developed in this project proves to be able to realistically
describe the favorable effects of the following two factors:

(a) the confinement pressure exerted by the angles and by the battens; and
(b) the load-bearing capacity of the angles subjected to an eccentric axial force.

In the model, the roles of the geometrical and mechanical properties of the
angles and of the battens (side-length and thickness of the angles; width and
thickness of the battens) and those of the concrete core are clearly justified, as well
as their relationship with the load-bearing capacity of the column.

The experimental results show that steel angles and battens significantly
increase the load-carrying capacity of R/C columns, provided that the spacing of
the battens is properly chosen. Furthermore, angles and battens prevent the
longitudinal bars from buckling.

The contribution of the angles to the load-bearing capacity of the columns is
shown to be sizable up to the peak load, but the full yielding of the angles in pure
compression cannot be reached, because of the interaction between the axial force
and the bending moment in the same angles.

Finally, the proposed model appears to be very effective in fitting the test
results, and more effective than other models proposed in the literature, which are
often too conservative.
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ABSTRACT

The external confinement of reinforced-concrete columns by means of externally-
bonded fiber-reinforced polymer (FRP) laminates is a well-established technique
for strengthening and retrofitting purposes. This paper presents a research project
that includes laboratory testing of prismatic R/C columns externally confined with
glass and basalt-glass FRP laminates, and subjected to pure axial load. Specimens
that are representative of full-scale building columns were designed according to
dated design codes for gravity loads only. The study was conducted to investigate
how peak axial strength and deformation of an R/C column are affected by FRP
confinement.

The results show that the FRP confinement increases concrete axial strength,
but it is more effective in enhancing concrete strain capacity, as in the case of R/C
columns confined by steel ties. .
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1. INTRODUCTION

Over the second half of the twentieth century, many existing reinforced-concrete
buildings and bridges were found to be in need of repair and strengthening due to
several causes, among them the deterioration caused by environmental effects such
as corrosion initiated by water and salt solutions, damages and change in use of the
structures, higher load capacity demand as a consequence of more severe code
requirements, and higher strength and ductility demand to correct design or
construction errors.

During the same period, the need to satisfy aerospace industry demand not met
by traditional materials induced researchers and scientists to look for new
solutions. The answer was found in developing new material systems by
combining together two or more constituents. Composites — also known as fiber
reinforced polymers (FRPs) — consisting of a reinforcing phase (fibers) embedded
into a matrix (polymer), offered several advantages with respect to conventional
monolithic materials (Kaw, 2005). High specific modulus and strength together
with other beneficial properties (such as corrosion resistance and transparency to
electromagnetic fields) made FRP also suitable for use as a construction material
in structural engineering (Nanni, 1993).

During the 1980s, strengthening of concrete members with externally-bonded
FRP laminates or near-surface mounted (NSM) bars gained relevant attention.
FRP was used for strengthening bridge girders and piles, parking garages, office
buildings and silos (Nanni, 2001). In particular, the external confinement of
concrete columns became one of the most attractive applications of FRP laminates
for repair and upgrading. This new technology found in the ease and flexibility of
installation the most remarkable driver for its development, and became soon a
competitive option to steel jackets and welded-wire fabrics (Nanni and Bedford,
1995).

Among the various types of columns, hollow-core R/C columns are an
economically-attractive solution in concrete bridges (a) to maximize the structural
efficiency (by increasing the strength-mass and stiffness-mass ratios), (b) to reduce
the mass contribution of the column to seismic response, and (c) to limit the
carrying demand on foundations. At present, many R/C bridges incorporate
hollow-core piers, especially in areas where natural constraints require high-
elevation infrastructures, such as tall buildings and bridges with tall piers (often
found in Europe, United States and Japan). In case of seismic events, however,
bridge piers designed in accordance with old design codes may suffer severe
damage, because of their low ductility. Unfortunately, modern codes of practice
oriented to seismic design do not address any specific problem related to hollow
sections.

As the piers of many bridges represent a threat in regions under high seismic
risk (because of their insufficient shear or flexural strength, low ductility or
inadequate seismic detailing) and are in need of retrofitting, many studies have
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been carried out on FRP-confined R/C circular and prismatic solid columns in the
past years, and several analytical models have been proposed. On the other hand,
the behavior of FRP-jacketed R/C hollow columns has been much less
investigated (Lignola et al., 2010).

When considering column confinement, glass fibers are particularly attractive.
First, they have the highest ultimate strain of any “high-modulus” fiber; second,
their low fatigue and creep-rupture resistance are not a detrimental factor in this
type of application. In addition, the shortage of carbon fiber that recently affected
the market, as well as the development of high-performance glass fibers with
lower manufacturing costs made GFRP laminates cost-competitive with CFRP
laminates, thereby inducing an important increase in the demand of glass fibers
over the last years. At the same time, continuous basalt fibers started to become
commercially available. Basalt fibers offer an alternative to glass fibers due to
their desirable characteristics, including - for example - thermal stability (Sim et
al., 2005).

In FRP-confined concrete, the interaction between the two materials allows for
the enhancement of concrete strength and deformability. Several experimental
studies have been carried out and several analytical models have been proposed to
describe the behavior of FRP-confined concrete. These models satisfactorily
capture the mechanics of the phenomenon for circular columns. The same cannot
be said for prismatic columns, for which these models are definitely less reliable
and are still in need of validation for full-scale columns (Rocca et al., 2008).

In the early years of the twenty-first century, the publication by the American
Concrete Institute (ACI) of design guidelines about the use of FRP for external
strengthening of concrete members accelerated their adoption. To date, FRP
systems have gained considerable acceptance in construction, and their use is
poised to become as routine as the use of conventional structural materials such as
masonry, wood, steel, and concrete (Bank, 2006).

This paper presents the experimental results of a research project that includes
laboratory testing of R/C columns externally confined with glass and basalt-glass
FRP laminates, subjected to pure axial load. The specimens were intended to
represent real-size building columns designed according to dated design codes (i.e.,
prior to 1970) for gravity loads only. The condition of pure axial load is atypical
for R/C columns given that they always sustain axial compressive loads together
with bending moments, but this condition represents a critical step to understand
the mechanics of FRP confinement.

2. RESEARCH SIGNIFICANCE AND OBJECTIVES

In FRP-confined concrete, the interaction between the two materials allows for the
enhancement of concrete strength and ultimate strain. In the case of small plain-
concrete cylinders, the properties of the two materials are used in the most
desirable and successful way: (a) the transverse FRP is loaded in tension due to
concrete dilation, thus containing concrete (after its internal cracking) and
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providing lateral confining pressure; and (b) the concrete is loaded in triaxial
compression due to the restraining action of the FRP laminate, thus leading to a
substantial improvement in strength and ultimate strain. The behavior of confined
plain-concrete cylinders subjected to pure axial loads has been extensively studied,
and confinement effectiveness has been experimentally proven since the late
1970’s (e.g., Kurt, 1978; Fardis and Khalili, 1981; Nanni and Bradford, 1994;
Mirmiran and Shahawy, 1996; Karbhari and Gao, 1997; Spoelstra and Monti,
1999; Fam and Rizkalla, 2001; Shehata et al., 2002; Campione and Miraglia, 2003;
Lam and Teng, 2003; Matthys et al., 2005; Matthys et al., 2006; Harajli, 2006;
Saenz and Pantelides, 2007; Wu et al., 2009; Toutanji et al., 2010).

In concrete columns with circular cross-section, the confining effectiveness of
FRP jackets is optimal since the geometrical configuration allows the fibers to be
effective on the entire cross section (Lam and Teng, 2003).

Prismatic cross-sections, however, behave differently: as it is well recognized,
the confining pressure is high at the corners and low along the sides, and the cross-
section is only partially confined (Mander et al., 1988; Lam and Teng, 2003b).
Confining rectangular cross-sections still enhances concrete strength and ultimate
strain, but its effectiveness is not as tangible as that on a circular cross-section
(Rocca et al., 2006; Rocca et al., 2008). Confinement effectiveness is even less
tangible in the case of wall-like columns (Prota et al. 2006), i.e. in columns having
rectangular sections characterized by a side aspect ratio larger than 3.

An important feature of this experimental program is the size of the column
specimens. Full-scale experiments are limited by high cost and low availability of
high-capacity testing equipment. Most of the time, the design of real concrete
structures relies on the extrapolation from experimental results of laboratory tests
carried out on scaled members. However, as quasi-brittle failures of concrete
structures exhibit a large statistical scatter (Bazant and Yavari, 2005), full-scale
experiments are critical to ensure that design equations are truly representative of
the actual behavior of full-scale members.

Furthermore, the nominal concrete compressive strength does not represent the
actual strength of the concrete in the columns to be tested due to several
phenomena: the difference in cross-section sizes of the columns and the
companion cylinders; the partial confinement provided by the ties; the fact that
bars promote longitudinal splitting cracks; and the brittle or quasi-brittle failure
which is governed mainly by the rate of release of the stored—strain energy (BaZzant
and Kwon, 1994).

All these phenomena are influenced by the size of the column. In particular, (a)
the brittleness in tension is characterized by the concentration of the deformation
into narrow zones (whose size is comparable with that of the aggregate), and the
energy accumulated in the structure is dissipated through these narrow zones; and
(b) the brittleness in compression develops in zones of dimensions comparable to
those of the structure (Nemecek and Bittnar, 2003).

The work presented is this paper was set-up with the following objectives:
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e cxploring the effectiveness of FRP confinement on the axial strength and
deformation of a prismatic R/C column under pure compressive load;

e cvaluating whether the confinement is able to prevent or to delay the
buckling of the longitudinal bars;

e understanding the possible limitations due to the cross-sectional shape;
and

e providing experimental evidence to remedy the lack in the specific
literature.

3. EXPERIMENTAL PROGRAM

The test matrix, summarized in Table 1, was designed considering different factors,
namely: shape factor (side-aspect ratio), volume factor (volume-aspect ratio based
on a benchmark volume of 610x610x3050 mm® [24x24x120 in’]), FRP
volumetric ratio (ratio between the total volume of confining FRP and volume of
confined concrete), type and amount of FRP plies.

Table 1: Test matrix

Specimen Cross-section Internal steel Shape Volume FRP vol. Typeof No.of
code Geometry reinforcement factor factor  ratio (%) fibers plies
S-1-control - - -
S-1-5GA D 610 = 610 1.57 GLASS A 5
1.0 1.0
S-1-2GB corners chamfered with 8 ©025 4-mm 1.67 GLASS B 2
a radius of 20 mm itndi g
S-1-8H louglr_L'ldmal bars and 140 HYBRID s
©12.7-mm bars at a
R-1-control spacing of 406 mm - - -
|:| 508 x 737 1 -
R-1-5GA 1.45 1.0 1.60 GLASS A 5

corners chamfered with
R-1-8H a radius of 20 mm 151 HYBRID 8

R-0.5-control - - -

wn

R-0.5-5GA o 4 ©254-mm 2.29 GLASS A
I:l 356 508 mm longitudinal bars and

R-0.5-2GB - . 1.43 0.5 243 GLASS B 2
L ©12.7-mm ties at a
R-0.5-5GB  comers chamferedwith oo of 356 mm 6.07 GLASS B 5
a radius of 20 mm =
R-0.5-8H 2.18 HYBRID 8
WL-1-control l:l“é 1041 4 025 4-mm - -
356 % 1041 mm P
o longitudinal bars and S an I -
WL-1-5GA  omers chamfored with €312 7ormm fics at a 292 10 1.60 GLASS A 5
WL-1-8GA a radius of 20 mm spacing of 356 mm 252 GLASS A 3
HR-0.6-control El 8 ©25.4-mm - -
508 = 737 1 T "
. ongitudinal bars and - I <
HR-0.6-5GA corners chamfered with ©12.7-mm bars at a 1.45 0.6 2.67 GLASS A 5
HR-0.6-8GA a radius of 20 mm spacing of 406 mm 3.56 GLASS A 8

Note: 25.4 mm = 1 in; ©25.4-mm bar = #8 bar; ¥12.7-mm bar = #4 bar.
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Five series of column specimens were considered:
e Series S-1 corresponds to a shape factor of 1.0 and a volume factor of 1.0;
e Series R-1 to a shape factor of 1.45 and a volume factor of 1.0;

e Series R-0.5 to a shape factor very close to 1.45 (actually 1.43) and a volume
factor of 0.5;

e Series WL-1 to a shape factor very close to 2.90 (actually 2.92) and a volume
factor of 1.0; and

e Series HR-0.6 to a shape factor of 1.45 and to a volume factor of 0.6.

Three different types of fiber fabrics were used: two types of conventional glass
fiber sheets from two different manufacturers (which are denoted herein as “Type
A” and “Type B”); and a hybrid glass-basalt fiber sheet (glass-to-basalt fiber ratio
2:1). For each series, one specimen was kept as-built and used as benchmark. For
the first series (S-1), three specimens were confined with both the glass FRP
systems (Types A and B) and with the HFRP system; for the second series (R-1),
one specimen was confined with Type A glass FRP and the other with the HFRP;
for the third series (R-0.5), one specimen was confined with Type A glass FRP,
two specimens with Type B glass FRP (with different number of plies), and one
specimen with the HFRP system; for the fourth and the fifth series (WL-1 and HR-
0.6, respectively), both specimens were confined with Type A glass FRP.

A three-part denomination is used to identify each specimen. The first part
identifies the cross-sectional geometry: “S” stands for square (shape factor of 1.0);
“R” for rectangular (shape factor of 1.45); “WL” stands for wall-like (shape factor
of 2.90); and “HR” stands for hollow-core rectangular. The digits of the second
part indicate the volume factor (1, 0.6, or 0.5). The third part identifies type and
number of plies: GA for Type-A glass, GB for Type-B glass and H for hybrid,
with 2, 5 or 8 plies.

3.1 Specimen design

The column specimens belonging to Series S-1, R-1, R-0.5, and WL-1 were
designed using the ACI 318-63 code-mandated minimum amount of longitudinal
reinforcement and minimum tie area at maximum spacing. ACI 318-63 requires
that the total area of longitudinal bars be larger than 1.0% of the gross section area,
A,, and that the vertical spacing of the ties be the smallest of 16 longitudinal bar
diameters (to prevent bar buckling), 48 tie diameters (to ensure sufficient tie area
to restrain the lateral displacement of the longitudinal bars), and the least lateral
dimension of the column (to develop the maximum strength of the concrete core).
The total cross-sectional area of the longitudinal bars was kept at 1.0% using
eight 25.4-mm diameter (No. 8) bars for Series S-1, R-1, and WL-1, and four 25.4-
mm diameter (No. 8) bars for Series R-0.5. For Series S-1 and R-1, 12.7-mm
diameter (No. 4) ties were used, spaced at 406 mm (16 in.) on-center, which
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corresponds to the requirement to prevent bar buckling. For Series R-0.5 and WL-
1, 12.7-mm diameter (No. 4) ties were spaced at 356 mm (14 in.) on-center, which
corresponds to the requirement to develop the maximum strength of the concrete
core.

Hollow-core specimens (Series HR-0.6) were intended to represent scaled R/C
bridge piers designed according to a dated code (i.e. prior to 1970) for gravity
loads only. The Ilongitudinal reinforcement was designed based on the
requirements of the AASHTO code used in 1969. The tie spacing was defined as
mandated by the ACI code effective at the same time. The longitudinal steel
reinforcement was given by a total of eight 25.4-mm diameter (No. 8) bars,
corresponding to a geometric steel percentage equal to 1.7 %. For the transverse
reinforcement 12.7-mm diameter (No. 4) steel ties spaced at 410 mm on center
(which corresponds to the code requirement for preventing bar buckling) were
used.

The specimens’ dimensions were also selected to ignore slenderness effects. At
the two ends of the specimens, 12.7-mm diameter (No. 4) steel ties spaced at 50.8
mm on-center (2 in.) were used to prevent failure in these zones.

The FRP plies were applied by manual lay-up in the transverse direction. Prior
to the application of the FRP, all corners were rounded with a radius of about 25.4
mm (1 in). The number of FRP plies was five in the case of the Type A glass fiber
sheets, two in the case of the Type B glass fiber sheets, and eight in the case of the
hybrid glass-basalt fiber sheets. Given that the fiber types were all of comparable
quality, the number of plies was designed in order to have the same FRP volume
ratio for all column specimens, with the exception of specimen R-0.5-5GB.

In typical field applications, the number of plies ranges between 3 and 6 in the
case of 600 grams per square meter (1.1 1b/sq.yd) yield, and between 2 and 3 in the
case of 900 grams per square meter (1.7 Ib/sq.yd) yield. Specimens R-0.5-5GB,
and WL-1-8GA were designed to have data points at a high FRP confinement ratio.

3.2 Materials

The specimens were fabricated at a precast plant one at a time using the same
concrete mix design. The average concrete compressive strength, f°., is reported in
Table 2. Concrete strength is based on the results of compression tests on 150 mm
diameter by 304 mm (6 by 12 in.) cylinder samples, 100 mm diameter by 202 mm
(4 by 8 in.) cylinder samples, or 92.7 mm diameter by 114 mm (3.71 by 7.50 in.)
core samples, per ASTM C 39.

For specimens S-1-2GB, R-1-5GA and R-1-8H, concrete cylinder samples
were delivered to the laboratory at different times. This could have caused
inconsistent results; therefore concrete cores were taken from the cast specimens
and used to define concrete strength.

According to ASTM C39, if the concrete core length to diameter ratio is higher
than 1.75, the concrete compressive strength can be taken as is and no correction
factor has to be applied. ASTM Grade 60 steel bars and ties were used for all
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specimens. Unidirectional continuous fiber sheets were used for the FRP systems,
where the properties of the fiber sheets are summarized in Table 3 as provided by
the manufacturers.

Table 2: Concrete strength

Average
Specimen Concrete sample (diameter No. of strength, /7,
code and height are in mm) tests [MPa]

S-1-control 152 by 304 6 37.3
S5-1-5GA 152 by 304 3 48.6
$-1-2GB 94.2 by 190 (core) 3 37.1
S-1-8H 152 by 304 3 44.4
R-1-control 152 by 304 3 48.0
R-1-5GA 94.2 by 190 (core) 3 56.4
R-1-8H 94.2 by 190 (core) 3 47.6
R-0.5-control 102 by 203 3 34.7
R-0.5-5GA 102 by 203 3 53.8
R-0.5-2GB 102 by 203 6 46.4
R-0.5-5GB 102 by 203 6 49.7
R-0.5-8H 102 by 203 3 46.8
WL-1-control 152 by 304 3 56.1
WL-1-5GA 152 by 304 3 48.5
WL-1-8GA 152 by 304 3 52.7
HR-0.6-control 102 by 203 3 43.5
HR-0.6-5GA 94.2 by 190 (core) 3 448
HR-0.6-8GA 94.2 by 190 (core) 3 450

Note: 6.895 MPa = 1,000 psi; 25.4 mm = 1 in.

Table 3: FRP system properties

Filament yarn properties Glass A fabric Glass B fabric Hybrid fabric

Type of fibers Glass Glass Basalt — Glass
Ratio in volume 100% 100% 33.3% — 66.6%
Tensile modulus (MPa) 76,948 72.397 88,945 —76.948
Tensile strength (MPa) 3.399 3.241 4,840 — 3,399
Tensile strain (%) 4.7 4.5 3.15-47

Sheet properties

Glass A fabric

Glass B fabric

Hybrid fabric

Ply thickness (mm)

Weight (g:’ml)

0.246 [0.480]
600

0.589 [1.27]
900

0.120 [0.284]
340

Note: 6.895 MPa = 1 ksi; 25.4 mm = 1 in; 0.542 g/m2 = 1 1b/yd2;

gross laminate properties are in square brackets.
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3.3 Test setup and procedure

The instrumentation in all the specimens consisted of electrical strain gauges
located on the longitudinal and transverse steel reinforcement at the level of the
mid-height cross section, and on the external surface of the specimen: onto the
concrete surface at the mid-height section for the control specimens, and on the
FRP jacket at critical locations (corner areas and mid-section on each face of the
specimens) along the perimeter of the cross-section at mid-height of the
strengthened specimens. Additionally, linear variable differential transformers
(LVDT) were used to measure the total shortening of the specimens, and to
evaluate the horizontal dilation at the mid-height section, along the two sides and
in the diagonal directions.

The stroke of the LVDTs ranged between £12.25 mm (0.5 in.) and £490 mm
(£20 in.). The control specimens were tested using a 22 MN (5 million 1bf) press,
while the tests of the strengthened specimens were carried out using a 53 MN (12
million 1bf) press. The control specimens and the strengthened ones were tested
five and eighteen months after casting, respectively. Special care was taken in
aligning each specimen with the axis of the press. The specimens were capped
with thin layers of high-strength grout. The load was applied at a displacement rate
of 0.5 mm/min (0.02 in/min). The same rate was maintained when the concrete
cylinders and cores were tested. The loading sequence included five subsequent
load cycles, with increments of one fifth of the expected capacity.

4. EXPERIMENTAL RESULTS

The test results are summarized in Table 4. For each specimen, the following is
reported: average concrete compressive strength, /°. (as defined in the section
“Materials”); maximum applied load, P,..; load at failure, P,, (in most cases
close to 75% of the peak load); ratio between load at failure and maximum load,
P, /Pyeqr; axial deformation when the maximum load was reached, A,..; ultimate
axial deformation, A, (defined as the axial deformation corresponding to P,); ratio
between the ultimate axial deformation and the axial deformation at peak, A,/Apea;
concrete axial stress at peak, o.,.a, normalized with respect to the average
concrete compressive strength, £, (O¢pear/f c); ratio between normalized concrete
axial stress at peak and corresponding value of the control specimen for the
reference series, [(Gcpear/f )/ (Ccpeak/f ¢)coniro]- The axial deformation is rendered as
the average of the measurements from the LVDTs.

The concrete axial stress at the peak, G e, Was computed as the difference
between the peak load (P,c.) and the load carried by the reinforcement (P,
divided by the net area of concrete (4.), where Py, is given as the total area of the
reinforcing steel (4;) times the nominal yield stress (f,). The plots of the
normalized concrete axial stress versus the axial deformation for all the
specimensare shown in Figs.1-5.
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4.1 Strength and failure modes

Failure of the control specimens initiated with vertical cracks followed by lateral
displacement of the longitudinal bars (that contributed to the splitting of the
concrete cover) and later by crushing of the concrete core accompanied by
buckling of the longitudinal bars.

All FRP-confined columns failed due to the rupture of the FRP jacket; cracking
of the concrete core developed after the maximum load was attained, and
longitudinal-bar buckling was visible after the post-mortem removal of the
ruptured FRP jacket and of the concrete cover.

Table 4: Test results

fe  Puw P E Ayt Au 8  Cpw  _ Cepwl) Cepent A

Spec. 1D [MPa] [MN] [MN] B [mm] [mm] Dpew S (Tenal L),
S-1-control 37.3 12.5 0.87 0.789 6.53 §.94 1.37 0.779 1.00
S-1-5GA 48.6 17.8 N/A N/A 7.01 N/A N/A 0.893 1.15
5-1-2GB 37.1 13.0 9.79 0.753 9.07 15.93 1.76 0.821 1.05
S-1-8H 44.4 15.6 121 6.10 281 4.61 0.843 1.09
R-1-control 47.9 16.5 16.3 0.987 7.09 7.72 1.09 0.826 1.00
R-1-8H 56.4 17.0 12.8 0.750 8.64 14.63 1.69 0.870 1.05
R-0.5-control 34.7 5.52 5.05 0.915 8.00 §.38 1.06 0.746 1.00
R-0.5-53GA 53.8 8.66 6.49 0.750 7.70 15.32 1.99 0.847 1.13
R-0.5-2GB 46.4 7.11 5.36 0.754 6.83 18.21 2.66 0.748 1.00
R-0.5-5GB 49.7 8.73 6.86 0.785 9.14 30.73 3.36 0.879 1.18
R-0.5-8H 46.8 7.97 6.04 0.758 8.00 27.69 3.46 0.844 1.13
WL-1-control 56.1 17.1 16.4 0.964 7.815 8.24 1.05 0.749 1.00
WL-1-5GA 48.5 14.6 10.9 0.750 9.26 26.1 2.82 0.757 1.01
WL-1-8GA 52.7 15.9 11.9 0.749 7.73 23.7 3.07 0.767 1.02
HR-0.6-control 43.5 7.89 7.79 0.987 5.59 5.91 1.06 0.697 1.00
HR-0.6-5GA 448 9.21 6.93 0.756 6.30 13.8 2.19 0.719 1.03
HR-0.6-8GA 459 9.04 6.81 0.753 5.08 10.5 2.07 0.775 1.11

Note: 6.895 MPa = 1,000 psi; 4.448 MN = 1,000 kip; 25.4 mm = 1 in; G peax =
(Ppeak - Pbar) / Ac

Series S-1 — In Figure 1 the normalized axial stress in the concrete (defined as the
ratio between G, pea and f”.) is plotted as a function of the axial deformation of the
specimens. The failure of the benchmark Specimen S-1-control was brittle and
occurred at the center of the upper half of the specimen. The peak capacity was
attained when the average concrete axial stress was equal to about 78% of the
average concrete compressive strength, f°.. The load stabilized at the level of the
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peak load before it suddenly dropped. Cracking of the concrete was observed
before splitting of the concrete cover and buckling of the longitudinal bars. The
ultimate axial deformation recorded, A,, was about 137% the value at the peak
load, A,cq, While the load dropped to 78% of Ppeu. Crushing of the concrete core
and buckling of the longitudinal bars are documented in Fig. 2. The confined
specimens behaved similarly with respect to each other: upon attaining the peak
load, the load steadily decreased while the axial deformation continued increasing
due to the confining action of the FRP wrap. Failure occurred by rupture of the
FRP laminates. In particular, fiber rupture always initiated in the proximity of a
corner and then propagated towards the sides. The average concrete axial peak
stress, Ocpea Tanged between 82 and 89% of the average concrete compressive
strength, /., when the peak capacity was reached. The increment in concrete
strength due to confinement was 15%, 9% and 5% for S-1-5GA, S-1-8H and S-1-
2GB, respectively. A remarkable improvement in the post-peak deformability was
experienced by the confined specimens. The ultimate axial deformation recorded,
A,, was about 461% and 176% of A,.u for S-1-8H and S-1-2GB, respectively.
While testing Specimen S-1-5GA, a problem on the data acquisition system
caused the loss of the data in the post-peak phase. Figure 1 also shows the failure
of the FRP wrap in Specimen S-1-8H.

Normalized concrete axial stress

Axial deformation (mm)

Figure 1 - Normalized axial stress vs. axial deformation (Series S-1). Failed
Specimens S-1-control and S-1-8H are also shown.

Series R-1 — In Figure 2 the normalized axial stress in the concrete is plotted as a
function of the axial deformation of the specimens. Failure of the benchmark
Specimen R-1-control was sudden and accompanied by an explosive noise. The
peak capacity was attained at an average concrete axial stress equal to about 83%
of /.. Once the peak load was attained, the load dropped almost instantly without
early warning, as no cracking of the concrete was observed until the final crushing.
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Failure occurred when the load was about 99% of P, The ultimate axial
deformation recorded, A,, was only about 109% of A, Failure occurred at the
lower half of the specimen, as shown in Fig. 3. Specimen R-1-5GA experienced a
premature failure localized at the top of the specimen due to stress concentration
and has not been taken into account in this study. A 102-mm (4-inch) wide strip at
the top end of Specimen R-1-5GA was left unconfined: the splitting of the
concrete cover in this region caused the premature rupture of the FRP jacket.
Failure of Specimen R-1-8H occurred due to rupture of the FRP laminate. Failure
started at one of the corners in the higher half of the specimen and then propagated
to the adjacent sides (Fig. 2). The peak load was reached when the average
concrete axial stress was about 87% of f”.. The increment of concrete strength due
to confinement was about 5%, while the ultimate axial strain was about 169% of
Apeak-
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Normalized concrete axial stress
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o
1 1 1

S

Axial deformation (mm)

Figure 2 - Normalized axial stress vs. axial deformation (Series R-1). Failed
Specimens R-1-control and R-1-8H are also shown.

Series R-0.5 — In Figure 3 the normalized axial stress in the concrete is plotted as
a function of the axial deformation of the specimens. Specimen R-0.5-control
failed similarly to Specimen S-1-control. The failure affected the entire upper half
of the column. Concrete cracking was heard before concrete-cover spalling and
rebars buckling. The peak load was reached when the average concrete axial stress
was about 75% of /.. The failure was brittle (failure occurred when the load was
about 92% of P,..), with a measured ultimate axial strain of 106% of A,cu.
Specimens R-0.5-5GA, R-0.5-8H and R-0.5-5GB behaved similarly to each other.
The average concrete axial stress ranged between 84% and 88% of f°. when the
peak load was reached. The increment in concrete strength was 13% for both R-
0.5-5GA and R-0.5-8H, and 18% for R-0.5-5GB, as result of a higher FRP
confinement ratio. After the peak load was attained, for both R-0.5-5GA and R-
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0.5-8H the load gradually decreased with increasing axial deformations. R-0.5-
5GA failed when the axial deformation almost doubled the value at the peak. In
the case of Specimen R-0.5-8H, instead, the load stabilized at about 80% of the
peak load, and the specimen failed when the axial deformation was about 346% of
Apear- For Specimen R-0.5-5GB, the load remained nearly constant after reaching
the peak load, with increasing axial deformations; then, the load decreased quite
suddenly and stabilized at about 90% of the peak load. The specimen failed when
the axial load was about 78% of P,.. and the axial deformation was about 336%
of Ajear. The failure mode was similar to that of the specimens of Series S-1 and
R-1, as documented in Fig. 4 for Specimens R-0.5-5GB and R-0.5-8H. Specimen
R-0.5-2GB did not experience any gain in concrete strength. The peak load was
reached when the average concrete axial stress was about 75% of f°. and the
ultimate axial deformation was about 266% of A,... Factors contributing to this
strength result may include those affected by preparation, setup and execution of
the test itself.

.R-0.5-5GA s
- — l
\ /

A

0.6 17— R-0.5-2GB~
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0.4
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Normalized concrete axial stress

|
\
|
\
o
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Axial deformation (mm)

Figure 3 - Normalized axial stress vs. axial deformation (Series R-0.5). Failed
Specimens R-0.5-control, R-0.5-5GB and R-0.5-8H are also shown.

Series WL-1 — No significant increment in concrete strength due to confinement
was observed. The normalized axial stress at the peak is 0.749 for the control
specimen and varies between 0.757 and 0.767 for the confined specimens. The
increment in concrete strength due to confinement, evaluated with respect to the
corresponding control specimen, ranges between about 1.01 and 1.02. On the other
hand, a significant improvement in post-peak deformability was experienced by
the two confined specimens, as the ratio between the axial deformation at failure
and the peak axial deformation is 2.82 and 3.07 for Specimens WL-5G and WL-
8G, respectively. In Figure 4 the normalized axial stress in the concrete is plotted
as a function of the axial deformation of the specimens. The control specimen
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failed suddenly due to rebars buckling and concrete cover splitting. Failure
happened after the longitudinal steel reinforcement reached the yield point. Both
the FRP-confined specimens exhibited high axial deformations. They failed due to
the rupture of the FRP jacket localized in a limited region close to a corner.
Bulging of the FRP wrapping also occurred. Details of the failure of the specimens
are shown in Fig. 4.
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Figure 4 - Normalized axial stress vs. axial deformation (Series WL-1). Failed
specimens are also shown.

Series HR-0.6 — No significant increment in concrete strength due to confinement
was observed. The normalized axial stress is 0.697 for the control specimen and
varies between 0.719 and 0.775 for the confined specimens. The increment in
concrete strength due to confinement, evaluated with respect to the corresponding
control specimen, ranges between about 1.03 and 1.11. A noteworthy
improvement in deformability in the post-peak behavior was experienced by the
two confined specimens. The ratio between the axial strain at ultimate and the
peak load ranges from 2.19 to 2.07 for Specimens HR-0.6-5GA and HR-0.6-8GA,
respectively. In Figure 5 the normalized axial stress in the concrete is plotted as a
function of the axial deformation of the specimens. It can be noticed that
increasing the number of GFRP plies brings in a slight enhancement of concrete
strength and almost no significant variations in the corresponding axial strain. The
control specimen failed suddenly due to the buckling of the longitudinal steel and
to the spalling of the concrete cover. The failure occurred close to the upper side
of the column, before the longitudinal steel reinforcement reached the yield point.
The longitudinal steel bars buckled between two consecutive stirrups and
determined the spalling of the concrete cover; at that stage the column became
unable to carry further loads. Both FRP-confined specimens failed due to the
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rupture of the FRP jacket which was localized in a limited region close to a corner,
located in the upper side of the column. The peak load was reached at a strain level
close to the yielding of the reinforcing bars. Cracking of the concrete core was
heard during the post-peak phase. Both longitudinal bar buckling and concrete
cover splitting were significantly restrained by the GFRP-jacket. Details of the
failure of the specimens are shown in Fig. 5.
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Figure 5 - Normalized axial stress vs. axial deformation (Series HR-0.6). Failed
specimens are also shown.

4.2. Vertical strain in reinforcing bars

Strain gages were attached to the longitudinal steel bars in the mid-height section,
between two adjacent ties. The axial strain in the bars recorded for the
unstrengthened specimens was either close to or exceeded the yield strain, and was
slightly higher than that measured in the confined specimens. This can be
explained as follows. In the case of unconfined specimens, the strain gages
stopped reading immediately after concrete cover splitting since they were located
at the interface between bar and concrete cover. The compressive strain recorded
on the steel bars by the strain gages was not affected by the lateral displacement of
the bars since concrete failure and bar buckling occurred simultaneously. For
confined specimens, instead, the confining action provided by the FRP jacket
delayed column failure and the strain gages continued reading after concrete cover
splitting. Strain readings were affected by the lateral deflection of the steel bars.
The compressive strain was therefore reduced by the tensile strains induced by the
lateral bending of the bars, since the strain gages were located on the exterior side
of the rebars. Experimental measurements were not used for the analysis, and,
given also the small percentage of the steel reinforcement, the assumption of
yielded steel was considered reasonable for the analysis.
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5. VOLUMETRIC STRAIN AND DILATION RATIO

In this section, the volumetric strain and dilation ratio of column specimens
belonging to Series S-1 and Series R-0.5 is discussed. The impact of the external
confinement provided by the FRP jacket on column strength enhancement and
post-peak deformability is analyzed with respect to the volumetric response. It has
been widely recognized (Park and Paulay, 1975; Pantazopoulou and Mills, 1995;
Neville, 1996; Spoelstra and Monti, 1999) that axially-loaded unconfined concrete
contracts in volume up to about 90% of its peak strength; then, the volume change
reverses and results in dilation when the peak strength is reached. Beyond this
point, the volume expansion grows at a higher rate as the softening branch
develops, until failure occurs.

When concrete is confined with FRP jackets, the volume expansion may be
effectively constrained, and the unstable crack growth controlled. Provided that
the jacket is sufficiently thick, concrete expansion can be curtailed (Mirmiran et al.,
1998; Spoelstra and Monti, 1999; Pessiki et al., 2001; Harries and Kharel, 2002;
Carey and Harries, 2003; Lam and Teng, 2003a-b). Plain-concrete dilation ratio
(defined as the ratio of transverse to axial strain) has an initial value (Poisson’s
ratio) generally found to be about 0.20, begins to increase non-linearly when
concrete starts cracking and grows uncontrollably until failure.

The presence of the FRP jacket affects the concrete dilation ratio before and
after the peak load is reached, by significantly restraining the growth in volume
and allowing large axial deformations (Mirmiran et al., 1998; Pessiki et al., 2001).

The axial strain was measured as the LVDT-measured axial deformation
averaged along the entire height of the column. The volumetric strain (change in
volume per unit volume of concrete) was calculated as the sum of the axial strain
and the two transverse strains at the mid-height cross-section (measured along the
two orthogonal directions in the plane of the cross-section). A positive volumetric
strain indicates a volume reduction, whereas a negative value indicates an
expansion. The volumetric strain represents an indicator of the response of the
cross-section in its entirety, unlike the dilation ratio which indicates how the cross-
section tends to deform along different directions. The dilation ratio is defined as
the ratio between the average transverse strain along each of the two orthogonal
directions in the plane of the cross-section and the axial strain. The mid-height
cross section is less affected by the boundary conditions and, even though failure
may occur elsewhere, it is taken as representative of the behavior of the column.

Series S-1 — Figures 6a,c show the plots of the volumetric strain and of the
dilation, respectively, as a function of the axial strain of the specimens of Series S-
1 (with the exception of Specimen S-1-5GA, for which the data for the post-peak
branch were not available). The initial slope of all the curves in Fig.6a is close to
(1-2v) - where v is the Poisson’s ratio of the concrete assumed equal to 0.20 - and
corresponds to the elastic behavior. The curves deviate from this line and reach
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Figure 6 - Plots of the volumetric strain and of the dilation ratio versus the axial
strain [Series S-1 (a, ¢, e, g) and R-0.5 (b, d, f, h)].

their maximum (point of reversal of the volumetric strain) as the load approaches
its peak value. This point corresponds to the onset of uncontrolled crack growth
leading to the failure of the control specimen (S-1-control), whose post-peak
branch had a limited extent and rapidly developed into failure. In the case of the
externally confined specimens (S-1-2GB and S-1-8H), the larger development of

89



the post-peak branch clearly shows that the external FRP jacket provides a lateral
constraint for the cracked concrete and reverses the dilation process of the
concrete. In Fig.6c, for the control specimen the dilation ratio along direction 1 has
an average value of about 0.2 for axial strains up to 0.0028, past which it rapidly
increases. No readings are available in the post-peak zone because confinement
loss, concrete crushing and bar buckling occurred almost instantaneously. For
Specimens S-1-2GB and S-1-8H (Fig.6¢c), the dilation ratio along direction 1
ranges between 0.15 and 0.25 up to axial strains of about 0.002. Past this level, the
dilation ratio for both specimens increases rapidly and reaches a limit value of
about 1.5 when the axial strain is about 0.0035. Beyond this point, both curves
begin to decrease almost with the same slope. Specimen S-1-2GB failed when the
axial strain was about 0.005 and the dilation ratio dropped to about 0.8. Specimen
S-1-8H reached an axial strain at failure of about 0.009 with a dilation ratio
dropping to about 0.5. Fig.6e shows the plot of the dilation ratio of Specimen S-1-
control measured along the two transverse directions (directions 1 and 2), whereas
Fig.6g shows the dilation ratio of Specimen S-1-8H measured along direction 1
and along the two diagonals (directions 3 and 4). For the control specimen, the
dilation ratios along directions 1 and 2 are similar, that is, the cross-section
deforms symmetrically along these axes. For Specimen S-1-8H, after reaching its
peak capacity, the concrete tends to expand much more along the transverse
directions (directionl) rather than along the two diagonals (directions 3 and 4). As
expected for a square column, the dilation ratio is symmetrical along the two
diagonals.

Series R-0.5 — To describe the volumetric response of the specimens of Series R-
0.5, Specimens R-0.5-control, R-0.5-5GB and R-0.5-8H were selected. Figs.6b,d
show the volumetric strain-axial strain and the dilation ratio-axial strain relations,
respectively. The volumetric response of Specimen R-0.5-control is similar to that
experienced by Specimen S-1-control. In the case of the confined specimens, the
FRP jacket constrains the volume dilation of the concrete, but its effectiveness is
not sufficient to reverse the volumetric expansion as for the square columns. For
specimen R-0.5-5GB, given the higher FRP amount compared to Specimen R-0.5-
8H, a reversal point is reached but not maintained. The dilation ratio along
direction 1 for the control specimen has a constant average value of about 0.30
until failure occurs (Fig.6d). The dilation ratio along direction 1 for Specimens R-
0.5-5GB and R-0.5-8H (Fig.6d) ranges between 0.30 and 0.45 up to axial strains
of about 0.0015. Past this level, the dilation ratio for both specimens increases at a
high rate until a value of about 2, for axial strains close to 0.003. Beyond this point,
the dilation ratio continues to increase at a lower rate until failure. Specimen R-
0.5-5GB failed when the axial strain was about 0.009 and the dilation ratio was
close to 2.1. Specimen R-0.5-8H reached an axial strain at failure of about 0.008
with a dilation ratio close to 2.3, whereas its square counterpart (S-1-8H) reached
an axial strain at failure of about 0.009 with a dilation ratio close to 0.5. In
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Figs.6f)h the dilation ratios of the Specimen R-0.5-control (measured along the
two transverse directions 1 and 2) and of the Specimen R-0.5-8H (measured also
along direction 3) are plotted. The dilation ratio along the long side (direction 2) is
much smaller than that along the short side (direction 1) for both the control and
the confined specimens. In the case of the control specimen, because of the
development of unstable cracks the dilation ratio along the long side (direction 2)
increases rapidly until failure.

6. DISCUSSION

The definition of the lateral confining pressure exerted by the FRP jacket on the
concrete is key to the prediction of the increment in concrete strength. The lateral
pressure depends on the strain in the FRP and varies depending on the cross-
sectional shape (circular or prismatic). For circular cross-sections, the lateral
pressure is in principle uniformly distributed around the perimeter of the cross-
section, and can be uniquely determined considering force equilibrium and radial
displacement compatibility between the concrete and the FRP jacket. In circular
RC columns, the confining effectiveness of the FRP jacket is optimal since the
geometrical configuration allows the fibers to be effective on the entire cross
section. The final point in the stress-strain curve of the column generally defines
both the peak load and the ultimate axial strain. The peak stress is reached when
the lateral confining pressure reaches its maximum (Fig.7a) and soon later the FRP
fails.

Several analytical models have been developed to describe the behavior of
FRP-confined concrete circular columns. The majority of them (Mirmiran and
Shahawy, 1997; Spoelstra and Monti, 1999; Fam and Rizkalla, 2001; Harries and
Kharel, 2002; Teng et al., 2009) are based on the assumption that the axial stress
and the axial strain of FRP-confined concrete at any given lateral strain are the
same as those of the same concrete actively confined with a constant confining
pressure equal to that supplied by the FRP-jacket (Teng and Lam, 2004). These
models calculate the axial stress and the axial strain of FRP-confined concrete at a
given confining pressure by using an active confinement model for concrete. In
other words, if the lateral strain — axial strain relationship is known, for a given
axial strain the corresponding lateral pressure provided by the FRP jacket can be
derived. The axial strain and the lateral pressure can then be used together with a
model based on active confinement to evaluate the corresponding axial stress in
the column. This incremental approach ultimately leads to the definition of the
entire stress-strain curve (Teng et al. 2009).

Many experimental studies have been carried out on FRP-confined RC square
columns in the past years (Pessiki et al., 2001; Shehata et al., 2002; Mirmiran et al.,
1997; Rocca et al., 2006; Rocca et al., 2008; De Luca et al., 2010). It has been
widely recognized that the lateral pressure provided by the FRP jacket is not
uniformly distributed along the cross-sectional perimeter, since it is high close to
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Figure 7 - Typical axial stress — axial strain diagrams showing the different
behaviors of FRP-confined circular (a) and square (b) columns.

the corners and low along the sides, so that the cross-section is only partially
confined (Mander et al., 1988; Lam and Teng, 2003b). Also the distribution of the
lateral strain along the FRP jacket is not uniform and the shape of the section
changes while concrete grows in volume. FRP confinement still enhances concrete
strength and ultimate strain, but its effectiveness is not as tangible as that of
jacketing a circular cross-section. While ultimate column failures coincide with the
rupture of the FRP, the peak capacity of the column occurs at a FRP strain much
lower than its ultimate value (Fig.7b). Several theoretical models to predict the
peak axial stress for square and rectangular columns have been developed and
proposed (Mirmiran et al., 1998; Wang and Restrepo, 2001; Campione and
Miraglia, 2003; Lam and Teng, 2003b; Kumutha et al., 2007; Wu and Wang,
2009). However, the equations of these models do not yield the same values, their
validity for full-scale columns has still to be proven, and their limitations come
from their being derived from the models created for circular shapes and modified
by means of factors intended to account for the change in the sectional shape and
for the ensuing effect on the confining pressure (De Luca et al. 2010).

Figs.8a-d show the change in volume of a representative one-quarter unit
element of Specimens S-1-8H and R-0.5-8H, respectively, when the peak load is
reached (a,c) and at failure (b,d). To make the change in volume visible, all
changes in length are amplified using the same magnification factor. Given the
symmetry, only one quarter of the cross-section is drawn. For both square and
rectangular shapes, when the peak load of the column is reached no significant
cross-sectional shape changes are noted (Figs.8a,c), as the displacements of the
mid-points of the two sides are of the same order of magnitude and the
displacement of the corner is smaller, but comparable to the transverse
displacements. For the square column, the transverse expansion at failure is
significantly higher than the diagonal expansion (Fig.8b). This experimental
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Figure 8 - Change in volume of a one-quarter unit element for Specimens S-1-8H
and R-0.5-8H at the peak load (a,c) and at failure (b,d).

observation confirms the generally-accepted assumption that in prismatic cross-
sections the confining pressure is higher at the corners than along the sides. For
rectangular columns at the onset of failure (Fig.8d), instead, the displacements of
the mid-point on the long side and of the corner are of about the same magnitude
and much larger than the displacement at the mid-point of the short side,
respectively. The commonly accepted assumption is that the confined area is
defined by four parabolas, which envelop the fully confined concrete (the external
concrete is assumed to be unconfined). Based on this experimental evidence, it
appears that the two parabolas along the short sides may be disregarded, since the
dilation in the direction orthogonal to the short side is small. Furthermore, as the
rectangular column has more FRP than the square column (but the jacket is less
effective), the performance level depends on the cross-sectional shape. Moreover,
it appears that for a prismatic cross-section, the maximum load is reached when
the concrete contracts in volume.

Fig. 9 shows a typical plot of the axial stress versus the volumetric strain for a
FRP-confined prismatic column (Specimen S-1-8H). FRP confinement allows the
reversal in volume change, and - during the process of volume dilation - concrete
experiences large axial deformations without sizable increases of its axial strength.
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Figure 9 - Typical plot of the volumetric strain versus the normalized axial stress
for FRP-confined prismatic columns (Specimen S-1-8H).

7. CONCLUSIONS

Based upon the experimental evidence gained through the full-scale experiments
presented in this paper, the following conclusions are drawn.

1.

The axial load-axial deformation behavior of a prismatic concrete column
laterally confined by means of a FRP jacket of thickness representative of field
applications is characterized by a linear elastic branch almost up to the peak
load, and by a descending post-peak branch until failure. In prismatic columns,
the effectiveness of the FRP confinement is more significant in terms of
enhancement of concrete axial deformation rather than increment in axial
strength. The presence of the FRP jacket allows a “growth” in volume of the
concrete core by offsetting buckling of the longitudinal bars and by delaying
unstable crack propagation.

The shape of the cross-section influences the effectiveness of the confinement,
which is higher for square than for rectangular shapes, and decreases as the
side aspect-ratio of a rectangular cross-section increases. The transverse
expansion of the concrete core, defined by means of the dilation ratio, changes
with the direction along which it is evaluated. For square cross-sections the
dilation ratio is smaller along the diagonals than along the two transverse
directions, whereas for rectangular cross-sections the dilation ratio is high if
measured along the short transverse direction and along the diagonals, and low
along the long transverse direction.

Existing semi-empirical prediction models do not yield similar predictions for
the ultimate axial capacity of full-scale FRP-confined prismatic concrete
columns. The increment in strength due to the FRP confinement is based on
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the strength of a control concrete cylinder, f°., and not on concrete strength of
the as-built unconfined column. The maximum stress reached by concrete in
columns is only about 85% of the cylinder strength; hence, theoretical models
should use 0.85. f°., not just /..

Differences in the FRP materials produced by different manufacturers do not
affect performance when confining materials are of comparable quality. The
contribution to column confinement of the hybrid glass-basalt FRP laminates
is similar to that of the GFRP laminates.

Significant increases of the ductility can be achieved by confining wall-like
and hollow-core rectangular R/C columns with GFRP laminates. The number
of GFRP plies does not play a major role in boosting the axial strength, but
gives remarkable improvements in terms of axial ductility. The failure is
controlled by the shape of the cross section and determines the bulging of the
FRP laminates that occurs at fiber strains far below the ultimate value
guaranteed by the manufacturer.

The condition of pure axial loads is hardly found in R/C columns, which are

typically subjected to compressive loads combined with bending moments that
may also be produced by lateral loads. Hence, more evidence is needed to evaluate

the

effects of realistic loading scenarios.

NOTATION
Ag gross area of the section
A. net concrete area
Ay total area of reinforcing steel
fe average compressive strength measured on cylinders
b nominal steel stress at yielding
Ppeak maximum applied load
Prar load carried by the reinforcement
P, load at failure
P,/ Ppeak ratio between the load at failure and the maximum load
v Poisson’s ratio of the concrete (assumed equal to 0.20)
Apeak axial deformation when the maximum load is reached
A, ultimate axial deformation
Ay Apeak ratio between the ultimate axial deformation and the axial
deformation at the maximum load
G, concrete axial stress
O peak concrete axial stress at the maximum load
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c./f. normalized concrete axial stress

S pear | S e normalized concrete axial stress at the maximum load
(Gt 1 1) ratio between the normalized concrete axial stress at the
(0 /1) maximum load and the corresponding value of the control

peak ¢ /Jcontrol

specimen for the reference series
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ABSTRACT

Tests are reported of beams with main bars either exposed to mid-barrel (i.e. with
only half the lateral surface bonded to the concrete) or flush with the concrete
surface, in all or parts of their spans, to simulate the effects of delamination
induced by corrosion. Assessment of ultimate load capacities in such
circumstances, where bond and anchorage are critical, depends on the modelling
of internal behaviour and the estimation of bond strengths. Relevant models are
developed here and used with limiting bond stresses derived previously in a
companion paper, to provide estimates of ultimate loads, which are shown to agree
satisfactorily with experimental values.
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1. INTRODUCTION

A previous paper (Regan and Kennedy Reid, 2009) has reported research on the
assessment of reinforced concrete affected by delamination of cover due to
corrosion of reinforcement. The topics included were (a) the bond strengths of bars
with cover affected by delamination, (b) the resistance to shear cracking and (c)
the performance of beams with the bond completely lost along a sizeable part of

the span.
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Figure 1 — Typical truss model. Limits for cotf: 1 < cotd < 2.5 (EC2) or 3.0
(MC90). Limit ofr f: f., < 0.48 £, (1- f.,/300). Characteristic shear resistance
(assuming yield of stirrups) = p fi,, b z cotd. Note that in flanged beams b is
replaced by by,.

The tests reported in the present paper were of the same type as most of the
earlier work, in the sense that delamination was simulated by casting concrete
either to mid-barrel level of the main bars or so that the bars were flush with the
concrete surface. The present beams are more complex in two respects. The
influence of shear and bond resistance interact in them, and the main steel includes
bars in different situations acting together at the sections of maximum moment.
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The differences concern the length and the restraints provided by stirrups and/or
transverse pressure.

Circumstances such as these require the use of structural models of member
behaviour and this paper illustrates the use of truss models in combination with the
recommendations of the previous paper for limiting bond stresses. The results
obtained are compared with the experimental strengths of the beams. The basic
form of truss from which variants are derived is illustrated by Fig 1.

2. SUMMARY OF RECOMMENDATIONS FROM REGAN AND
KENNEDY REID, 2009
2.1 Limiting bond stresses for Type 2 deformed bars

Bond stresses for ULS design (= rate of change of bar force/ td) are:

- For bars with normal cover
fy1 = 0.7 T, (D)

- For bars flush with the surface of sound concrete

fio = (0.3 +15 Ay/sd) \JF, <0.7f, )
or  fi=064f, +2p <07, 3)

- For bars in concrete delaminated to mid-barrel level

fos = (01 +15 Ass/Sd)) \/ES 07\/§ (4)
or  fs=025\F, +p <0.7f, )

Ay = effective area of a link restraining a main bar (see Fig. 2)
s = spacing of links along a main bar
¢ = diameter of main bar

p = transverse pressure (pressure normal to surface of delamination) > 0.05 \/f_

These bond stresses may be treated as plastic except that the 0.1 from Eq. (4)
for Ass/s =0, should not be used in combination with other values of fb. Either all
bars should be treated as having a bond resistance of 0.1 , or the bars with Ass/s =
0, should be discounted except in lengths where p > 0.05 .

103



2.2 Reduction of shear cracking resistance due to delamination

The delamination of cover and the consequent reduction of bond of the main steel
can reduce a member's resistance to shear cracking. The reduced characteristic
resistance can be estimated as

Vk,red =0.19 3/f, -100A, /bd /500/d (6)
with d in mm.
Shear cracking is unlikely if the bond strength is very low, i.e. if
Vk red
Ythus —— @)

Z
where u is the perimeter of a bar.

ASS = Ab Ass = Ab

Figure 2 — Assessment of the effective area A of a link restraining a main bar; A,
is the area of a stirrup leg. Bars shown by broken lines are required at corner main
bars.

3. SERIES “F” - CANTILEVER BEAMS WITH DISTRIBUTED LOADS

The tests of Series F were made to study the behaviour of combinations of main
steel in which some bars were restrained by transverse pressure from loads and
others were unrestrained.

The beams cantilevered either side of a central support. The shorter cantilever
was subjected to four concentrated forces, which simulated uniform loading and
provided the restraints to main bars. The longer cantilever was simply a tie-down
arrangement. Details of the beams are shown in Figure 3.
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Figure 3 — Example of cantilever beam (top); and different modes to simulate the
delamination of the cover (bottom).

In Beam F1 the two main bars run outside the loading plates avoiding any
clamping action by the loads. In the critical cantilever, two flexure-shear cracks
developed fully - one from the section of the innermost load and one from midway
between this and the support. Mean bond stresses over the three lengths A, B and
C shown in Figure 4 were determined from strain measurements and their
evolutions are plotted in the same figure.

At low loads the bond was highest in length C nearest to the support, lower in
the next length B and very small in the length A near the beam end. At high loads
the bond in C peaked and then reduced, that in B continued to increase steadily
and that in A rose at a rapidly increasing rate. At failure the bond was practically
uniform from the outer shear crack to the beam end.

The failure was a bond failure running all the way from the shear crack closest
to the support to the ends of the bars.

Beam F2 had three main bars, two of which were in stirrup corners and none of
which was clamped by loads. The strain-gauged sections were increased by one at
the support and the average bond stresses for the four lengths are shown with the
crack pattern in Fig 5. For the additional length D , the bond was assumed to be
concentrated in the outer 3/4 of the length, i.e. f, - 4AN/313 u.

There is a clear difference between the centre bar and the bars in the stirrup
corners. The behaviour of the bars in the stirrups is similar to that of beam F1,
while the bond stresses of the middle bar are much lower. For the middle bar the
maximum force at the support peaked at a load of 72 kN and had decreased by
50% at the failure load of 94 kN.
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The failure was by rotation at the flexure-shear crack, with slip of the middle
bar and the outer bar without gauges and yield of the gauged outer bar. The end
slip of the middle bar was 4 mm when the ultimate load was reached.

Beam F3 was similar to F2 but with the loads applied over widths that included
the middle bar. The side face cracking was very similar to that of F2. In Fig.6 the
plots of the forces in the middle bar and one corner bar are shown. The
presentation for the middle bar is not ideal as the large change of bar force
between 850 and 1250 mm from the end, was not distributed but concentrated to
the loading points. Beyond the load closest to the support, the middle bar showed
practically no bond and the tensile force was almost fully anchored by the section
850 mm from the beam end, showing that the clamping forces provided a bond
more effective than that obtained from the stirrups. The ultimate load of 118 kN
was 25% above that of beam F2. The ultimate moment at the support was equal to
the flexural capacity, although the outer bar without gauges probably slipped
without yielding.

Beam F4 contained a pair of 25 mm bars not in stirrup corners and not below
the load plates and two 12 mm bars in the stirrup comers but embedded to a depth
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less than ¢ /2. These outer bars were below the load plates. The cracking of the

shear span was very limited.

At low loads, the maximum strains were similar for the corner and middle bars.
At later stages the clamped corner bars were more highly strained and yielded in
the process of failure although not until the maximum load had been passed. As in
beam F2, the bond stresses of the middle bars were initially highest near the
support but decreased before failure, while the stresses toward the beam end
increased rapidly. The redistribution of this bond was however less pronounced
than in F2. The corner bars were very poorly anchored in the concrete except at
loads, but the anchorage provided by the transverse pressure at the loads allowed
them to yield while at their outer ends they were just in compression.

Failure occurred because (a) of a rotation in a crack by the support, (b) full-
length slip of the inner bars and (c) of the yielding of the corner bars under
decreasing load.

In an assessment of these beams, the first issue is whether or not shear cracking
should be expected. In view of the major delamination, the resistance to flexure-
shear cracking can be estimated by equation (6). Shear cracking should however
be avoided if Y uf,z for the region in question is below Vi 4. The calculations are
summarised in Table 1. Exact shear cracking loads are difficult to define but a
value of V=56 kN would be reasonable for Beams F1 to F3 (see Figs 3-5) and the
predicted shears are from 93 to 99% of it. F4 is correctly predicted to suffer no
shear cracking.

In the absence of shear cracking, the ultimate main steel force of Beam F4 is
predicted as the greater of the forces corresponding to:

i) zero force in the middle bars and the maximum resistance given by equation
(4) <F, for the outer bars.

ii) forces in all bars corresponding to stresses given by equation (4) for the
middle bars, i.e. f,; = 0.1,/ .

The latter is the higher and gives Ny = 274 kN and V. = 75 kN, which is 94% of
the actual ultimate moment.

Models for the other beams are given in Fig 7. The internal actions are shown
in detail for the region close to the supports. Beyond the lengths with shear cracks,
the thrust lines in the concrete follow whatever shape is required to maintain
equilibrium between the applied moment M and the product Nyz with the steel
force defined by the conditions of bond. In the transition zone between the fan and
the second load, there may or may not be shear cracks but this is of no importance
as the limit bond stresses apply in any case and the applied shear reduces after the
first load.
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The length z cot 6 of the zone close to the support, within which the web
compression radiates, is governed by the bond force required by the truss action
reaching the bond capacity of the main bars. Assuming the stirrups to yield, for
truss action:

i
dx
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Figure 7 — Distributions of main steel and bond forces in Beams F1 and F2 (a);
and truss models (b, ¢).

pwfyw bz cot 0=V ®)
cot0=V/p,fiwbz 9)

The bond capacity of the main is > f, u and is equal to V/z.
Substituting for V/z in equation (9):

cot 6 = Y fu/(b pufyw (10)
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Using the uls flexural value for z, the distance x to the end of the fan zone is:
Xx=2zcotb (11)

and within this length the change of main steel force is:
2

ANy; = pufyub — (12)
2z

The above derivation of cot 0 is subject to two limits, one corresponding to
failure of the web concrete and the other an overall upper limit related to
compatibility of the truss model. These are given in Fig 1.

The length with stirrups at 100 mm centres beyond 'x' is (605-x) mm and
induces a change of the steel force

ANg, = (605-x) > fou (13)
Beyond this there is a further bar length of 1050 mm contributing
ANg= 1050 Yfou (14)

with f, lower than in equation (13) as the stirrups spacing is 200 mm.

For beams F1 and F2, the summations Y fou above are for the corner bars. In
F1 they were the only bars, and in F2 a higher bond resistance is obtained by
considering the corner bars along with their full f,, than by considering all three

bars at ;= 0.1 /f_ .

The total steel forces at the sections of maximum moment in these beams are:

Z Ns = ANS] + ANSZ + A1\153 (15)
Meae =2 Y. N (16)
Vcalc = Mcalc /0.885 (17)

the 0.885 being in m.

In beam F3, the anchorage of the middle bar depended on the transverse
pressure from the loads. The outer bars are predicted to behave as in F2 and to
develop a force 1 kN lower than in F2 because of the slightly lower concrete
strength. Each load plate was 80 x 80 mm and exerted a transverse pressure p =
0.039V (p in N/mm” for V in kN)

From equation (5):

f,=0.25/f, +0.039V
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and the total force that can be anchored by the four loads is:
N =33+ 0784V kN.

Then adding the forces in the three bars, the maximum possible main steel force
becomes:

TN, =327 + 0.784V, and V = (327 + 0.784) ——
0.885

With z=0242m, V=89.5+0.214V, V=114kN

The calculations for all four beams are summarised in Table 2, which also
compares the calculated strengths with the experimental ultimate loads. The ratios
Vea/V, vary from 0.85 to 1.00.

4. SERIES “B” - CANTILEVER BEAMS WITH END LOADS

In the beams of Series B the concrete surfaces were cast flush with the main bars,
and the beams were tested as double cantilevers with a central support and the
loads near the ends. Beam details are given in Figure 8. Variables were the
detailing of the main steel, the diameters of the stirrups and the position of the
loading plates relative to the central bars. The crack patterns of the four beams are
drawn in Fig.9.

In Beam B1 a crack, which became progressively more inclined, formed at the
section where the central bar was curtailed. Inclined extensions of flexural cracks
nearer the support formed later. Failure occurred in the bond of the central bar,
over the whole of its length, and in the bond of the outer bars, along the length
from the section of curtailment to the end of the beam. The force in the central bar
at the section of maximum moment was monitored by a pair of strain gauges and
reached its maximum at 77% of the ultimate load after which it decreased 25% by
the ultimate load.

The inner bars of Beam B2 were curtailed further from the support than the bar
in B1. The first inclined crack occurred from the section of curtailment and was
followed by additional shear cracks closer to the support. Failure was in the bond
of the outer bars along the length from the curtailment to the beam end. Diagonal
cracking was visible on the top surface as a sign of bond distress of the inner bars
but their forces at the section of maximum moment reached a peak at the
maximum load and declined only as the load decreased with further deflection.

In beam B3 all four bars continued to the beam end and the inner bars were
clamped by the loading plate. The stirrup size was also increased from 8 to 10 mm.
The first inclined cracking was fairly close to the support, but shear cracking of
most of the span followed soon after.

There was diagonal cracking on the top surface running between the inner and
outer bars, but with the more favourable detailing of the main steel and the
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Figure 9 - Tests Series B: Crack patterns of the four beams.B

increased shear reinforcement, the failure was in flexure, with all four bars
yielding at midspan. The stresses of the inner bars just before the load plate were
only 120 to 140 N/mm’, showing that considerable bond existing along their
lengths.

Beam B4 was similar to B3 except that the inner bars were curtailed just inside
the loading plates. Inclined cracking began at the section of curtailment and shear
cracks were developed throughout the span. The cracking on the top surface prior
to failures was similar to that in B3.

Failure was initiated by distress in the bond of the inner bars. The forces in
these bars reached a maximum just before the ultimate load and then decreased.
To compensate the forces of the outer bars, the forces in the internal bars increased
rapidly and the bars yielded. Their end anchorages had begun to develop
longitudinal cracks but did not fail.

Shear cracking loads calculated by means of equation (6) are given in table 3b.
They agree well with the experimental values for beams Bl and B2 but are
conservative for B3 and B4. The main reason for this is probably that in B4 the
curtailed bars were so long that the calculated resistance, dependent on the reduced
p1 was not really relevant. In B3 there was no curtailment.

The behaviour of these beams can be represented by the truss models of Fig 10.
The truss shown on elevation can be used to determine the inclination of the web
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compression and the distribution of the total tension of the top chord. It is
supplemented by the plan truss of the middle drawing in order to allow for the
effects of the relatively wide spacing of the bars and the fact that the stirrup forces
act only at the outer bars. Failure can be predicted to occur either at the section of
curtailment or at the section of maximum moment.
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Figure 10 — Truss model for Beams B1-B4.

Near the section of curtailment, anchorage failure of the continuing bars can
occur at either of sections AA and BB in Fig 10c:

NSA:V[y+bicot[3+c02tO} 18)
z
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NsB=V{X+COte} (19)
z 2
The corresponding resistance, for two bars, in stirrup corners are:
Nrsa =21 (I, + b; cot ) (20)
Nres =21 £, 1y (21)

The predicted resistance to failure at the curtailment is the lesser than the value
given by the following expression:

27zef, (1, +b, cot )

= (22)
(y+b,cotf)/z+0.5cot )
and V, = ﬂ 23)
(y/z+0.5¢cot f)

where z can be obtained iteratively as a function of the load or taken
conservatively as the flexural value at the ULS. In either case it is the lever arm at
the section of maximum moment, as the truss is drawn with parallel chords. For
the present analysis, z has been taken as 200 mm, which is just above the flexural
value. Cot[3 is taken at 1.0.

Cotf can be determined by simultaneous solution of equation (22) or (23) with
V = pufywbz cotb to give a predicted resistance V; to bond failure from the section
of curtailment (not applicable to beam B3). The differences between the results
obtained using equation (22) or (23) are small.

A bond failure will occur from the section of curtailment only if the load
corresponding to bond failure from the section of maximum moment is higher.

In considering the latter type of failure, the forces in the short bars are
maximised by maximising the rates of change close to the support. The lengths x'
from where the forces in the inner bar begin to change to where the rate of change
reaches its maximum corresponding to f, is as follows:

xX'=nnd f, (z/pufywb) (24)

where n is the number of inner bars
With uniform bond along the remainder of the length, the maximum force
developed by the inner bar is

N= IlTCd) fb [1 - b; cot B - O.SX’] < Asify (25)
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where 1 is the length from the section of maximum moment to the bar end.

The force that can be developed by the outer bars is equal to their force at the
section of curtailment. Ny, = 2n ¢ fil, plus the total change of main steel force
from the section of maximum moment to that of curtailment AN, = Vl/z - 0. 5V
cot 0, minus the force N; going to the inner bars

Noomax = Ny + VI/z - 0.5V cot 0 - N; < Af, (26)

In evaluating AN;, V can be taken as V). The total steel force at the section of
maximum moment is then

ZNS = Nso,max + Ni (27)
Mcalc =z 2I\Is (28)
and V, = M, /1.325m (29)

The predicted failure load is the lesser of V, and V,.

Such calculations for beams B 1, B2 and B4 are summarised in Table 3 and
give calculated loads which are from 85% to 98% of the experimental values.

For beam B3, with no curtailment and with the inner bars clamped by the
loading plates, the calculations are simpler.

Ignoring the extension of the inner bars beyond the load plates, their bonded
length is 1.375m and n n¢ f,l = 399 kN. The pressure at the loading plates is

0.05V in N/mm? if V is in kN, and the additional bond resistance from equation (3)
is 0 3,/f,, +0.1 VN/mm”. It acts on a surface area 27 x 25 x 100 mm’ and gives

an additional resistance of 29 + 1.571 Vi,.
For the outer bars nm ¢ f, = 655 kN, but the truss action does not allow a

uniform bond and 0.5V cot 6 must be subtracted (see Fig 1). The ultimate load can
be calculated directly if cot 0 is expressed in terms of V, but a trial and error
approach can be simpler. The calculated flexural capacity is Vye= 163 kN and for
this cot 0 = V/p,fyybz = 1.24.

The maximum main steel force that can be developed at the section of
maximum moment is then N =428 + 1.571V +901 = 0.62V. If V=163 kKN, N =
1484 kN as compared with the yield force of 1080 kN. Thus no bond failure is to
be expected and flexural failure is predicted at a load of 163 kN which is 94% of
the experimental ultimate load of 173 kN.

5. SERIES “C” - RESTRAINED BEAMS

The details of the beams of Series C are shown in Fig 11. In the critical region
between the interior load and the interior support, the positive moment at the load
and the negative moment at the support were equal and the detailing of the top and
bottom bars was similar but anti-symmetrical. In each set of tension steel, the two
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inner bars were curtailed before the central section of contraflexure and the two
outer bars extended beyond it. Both the top and bottom bars were exposed to mid-
barrel throughout the lengths from the sections of maximum moment to the further
away sections of curtailment.

The variables in the series were the beam depth, and thence the maximum
M/Vd which was 2.43 for C1 and 3.33 for the other beams, the detailing of the
shear reinforcement and the orientation of the bar ribs relative to the concrete
surface. These details are shown in Fig 11. The concrete strength also varied
considerably.
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Figure 11 — Tests Series C: details of the specimens.
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Figure 12 - Tests Series C: crack pattern of Beam C2.
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All beams developed patterns of flexural and shear cracks similar to that of
beam C2, which is drawn in Fig 12. In no case was there any cracking in the
region of contraflexure.

At both sections of maximum moment the strains of each of the four main bars
was measured using a pair of horizontal gauges at opposite ends of a horizontal
diameter. Bar forces calculated from these strains are plotted in Fig 13 for the steel
(top or bottom) involved in the failure. AH eight bars were strained similarly at
stages up to and beyond shear cracking. Close to failure, the strains of the inner
(shorter) top bars of beams C2 to C4 peaked and then decreased gradually with
increasing load. The last strains measured in these bars, other than during the
process of failure, were from 82% to 93% of their maximum values. In C2 and C4,
failure occurred when the outer bars yielded and allowed rotation at steeply
inclined cracks near the support. In C3, where the concrete strength was much
lower than in the outer beams, the longer bars did not yield but their anchorages
failed.

In beams C2 and C4 the strains of all the bottom bars continued to increase up
to failure. In beam C1 there were decreases of strain in all four inner bars and also
in one outer bottom bar. The failure of C1 was by the anchorage of the bottom bars.
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The details of the stirrups and the directions of the main bars' ribs do not seem
to have had any great influence on the beams' behaviour, which was clearly more
affected by concrete strength.
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Figure 14 — Truss model for the beams of Series C.

A truss model is shown in Fig 14. As the tension in both the top and bottom
bars extend beyond the sections where the inner bars are curtailed, the capacity as
limited by bond is defined very simply by equating Zfyr¢d for the longer (outer

bars) to V/z. According to the recommendations made, the inner bars' bond must
be discounted if the full value of f;, is to be used for the outer bars. The solution for
V is limited by the yield of the outer bars. The results obtained are given in table 4,
and the calculated strengths are low in relation to the experimental ones, with V.
from 75 to 80% of V,.

This result is probably acceptable, and it would be difficult to improve upon it
without considerable complications. To effect an improvement would require two
things. First the structural model would have to be modified to take account of the
lack of shear cracking near the section of contraflexure. Secondly account would
have to be taken of some residual post-peak bond of the inner bars, which clearly
did make a contribution here but might not do so in somewhat wider members, in
which the inner bars really would be without restraint from stirrups.
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6. SERIES “T” - SIMPLY SUPPORTED T-BEAMS

Two T-beams were tested with the main reinforcement partially exposed in one
shear span. As shown in Fig 15 the main steel was two vertical pairs of bars. In
Beam T1 the lower bars, which continued to the support were exposed to mid-
barrel, while the upper (curtailed) bars were fully embedded. In Beam T2 the
"delamination" was continued upward to the curtailed bars.

In the initial tests of both beams, loads were applied at 1/3 points of the span.
Following failures in the shear spans in which bars were exposed, the beams were
retested with the support at the exposed end moved in to a position below what
had been a loading point, and with a single load applied at the centre of the
reduced span of 1.866m.
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Figure 15 — Test Series T: details of the reinforcement.
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Figure 16 — Crack patterns in tests T1/1 and T1/2.

120



STRAIN

STRAIN
X8 | SHEARS | RIDB
1ELD ]

2500 — — 1) NPV

125

L
2000 = /\Z“’ 2000 —
)
1500 — %

~ ‘ 1500 —

1000 — 1000 —

500 —

d
Mj T V/ T2/

Figure 17 — Plots of the main steel strains in beams T1/1 and T1/2.

500 —

The results of the four tests are summarised in Table 5 and it can be seen that
the reductions of strength due to exposure were very small.

In test T1/1 the failure was by rotation at a shear crack which reached more or
less to the ends of the curtailed bars. The non-curtailed bars yielded at the section
of curtailment. In T2/1, with the greater exposure, the anchorages of the curtailed
bars began to slip and large rotations occurred in shear cracks closer to the load.
The final crack patterns from these two tests are shown in Fig 16.

In the second tests, the shear spans with no bar exposure underwent ordinary
shear failures, which were probably affected by the curtailments.

Most of the stirrups had yielded by failure in all the tests, the only major
exception being for those near the support of the exposed span of Beam 2, where
there was no cracking - see Fig 16.

Distributions of main steel strains at stages close to failure are plotted in Fig 17,
where it can be seen that the bond stresses of the curtailed bars increased
throughout test T 1/1 but reduced a little just before failure in T2/1. There is no
indication of bond failures of the lower (more exposed) bars, which were anchored
at the beam ends where they had cover and transverse pressure from the supports.

The behaviour of these beams can be modelled as in Fig 18. If bond were not a
problem, failure would be yielding of the longer main bars at the section of
curtailment and consequent rotation at an inclined crack at which the stirrups
would yield.
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At the curtailment:

M Vecotd 0.325V Vecotd
N= —+ = +
2 z 2

while

V=p,fywbyz cotd
Combining these equations gives:
V24 0.65 pufiby Vi — 2 pufiwbyz Ngy = 0

where Nj, is the capacity of the longer bars at yield.
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In the present case the bond capacity of the lower bars is marginally below V/z,
which in principle affects the truss action between the curtailment and the support.
However the deficit is small and the bars are well anchored at their ends so that
very minor arching by the main thrust should remove any problem.

What is more of an issue is the bond in the length to the load side of the
curtailment, where the rate of change of force in the main steel is required to be
V/z. If the bond resistance Of the upper bars is fi 4, , they can provide 6Ng/d, =
2nd fysup- This is sufficient for the total applied effect at a distance x from the

load where:

27-[:d)fb,sup

Pufywbw(x/2) = 21 £y gup = > (x/2) =
Py fb

(33)

Between this section and the curtailment the lower bars can make a
contribution to SNy/6x but this is limited by the maximum for A, f; and the force
N at the section of curtailment which is as follows:

0325V VvV
z 2p,fybz 2z

(34)

The contribution to 6Ng/6x is restricted to (Agjnrfy - Ni)/(I-x), making the
total rate of force as follows:

A f —N AV4
2 by + —my e o Y (35)
(I-x) z

which allows the ultimate shear V, to be calculated. V. is then the lesser of V,
and V,.

The calculations and test results are summarised in Table 5, which shows all
the ratios of calculated to experimental strength to be between 0.90 and 0.92.

CONCLUSIONS

The beams of four test series, involving mid-barrel and flush exposure of main
reinforcement, have been analysed using the bond resistances, given by equations
(1) to (5), in basic truss models. The calculated beam strengths range from 0.75 to
1.00 times the experimental values, with all but one of the ratios below 0.88 being
for Series C, for which the conservatism is explicable if not easily addressed.

On the basis that a characteristic strength should have a 5% probability of not
being achieved, the calculations have provided correct predictions of characteristic
resistance, as indicated by the following values:
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mean V/V, = 0.88
standard deviation of Vu./V, = 0.076
mean + 1.64 standard deviations = 1.00.

This is clearly a naive interpretation of what has been found, but it is true that
for a range of situations involving delamination of cover to main steel, the
proposed expressions for bond strength, used together with straightforward truss
models, can provide reasonable assessments of the strengths of members with
simulated deterioration by delamination.

It should be noted that - although the truss modelling used is fundamentally
straightforward - its use in cases such as those considered here does require some
thought and care.

Predicted shear cracking loads ranged from about 0.73 to 1.17 times the actual
values. The accuracy is probably satisfactory given that "actual" values are
inevitably somewhat subjective for beams with shear reinforcement.

The assessment of real deteriorating structures is of course more complex than
that of the beams considered here. The effects of loss of bar area and loss of
concrete in the compression zone must be considered, but the greatest difficulty is
estimating the severity and extent of any damage.
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NOTATION

Most of the symbols used are specific to one type of beam or model and are defined where
they occur. The following symbols are used more generally:
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Vcalc
Ve
Vk,red

=]

N £ SHohrhreh

0
P
Pw

force in main tension steel

calculated (characteristic) shear force at failure of beam

experimental shear force at shear cracking

calculated shear force at shear cracking, allowing for influence of delamination
experimental shear force at failure

bond stress for calculation of beam strength (fy;.. fi5)
cube crushing strength of concrete

yield stress

yield stress of web reinforcement

bar perimeter

internal lever arm

angle between web compression and axis of beam
ratio of main tension reinforcement (A/bd)
ratio of web reinforcement

Suffices relating to main tension reinforcement
i -innerbars, o - outer bar
inf - lower bars, sup - upper bar
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Table 1 — Beams Series “F” - Analysis for Shear Cracking

Beam £ Pr| Vired® | values of f,, N/mm?) | 2267 | Predicted V
No | N/mm?) | % (kN) . (kN) | (kN) at shear
for outer for inner .
Cracking
bars bars
F1 52.5 1.84 | 557 1.95 - 74.1 55.7
F2 446 | 175| 520 2.08 -1 633 52.0
F3 441 | 175| 517 2.07 -9 630 51.7
F4 50.9 582 | 582 0.71 0.71% | 385 no shear
cracking

1) Virea calculated for full value of p,

2) zcalculated for flexural failure with all bars at yield

3) The inner bar of F2 is neglected as the maximum Zuf,, correspomds to full use

of the outer bars and no reliance on the inner one.

4) The inner bar of F3 is neglected as the clamping at loads does not affect the

critical region

5) All bars of F4 are taken into account using the lower bond stress of the
dominant inner bars to maximiseXuf;
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Table 2 — Beams Series “F” - Ultimate Load Analysis

General data

Main bars T12 f;, = 500 N/mm? T20 fy =480 N/mm?, T25 fy, =475 N/mm?
Stirrups  R6 f,,, = 330 N/mm’

Beam feu Corner bars cot O 1
2
No | (N/mm’) =5 s oy (/mm?) T o u (kN) (mm)
end support end support
Fl 52.5 2T25 1.34 1.95 211 307 1.645 | 398
F2 44.6 2T20 1.38 2.08 173 261 1.399 | 339
F3 44.1 2T20 1.37 2.07 172 260 1.393 | 337
F4 50.9 2T12 0.71 0.71 54 54 - -
Blflam Corner bars Inner bars Total | Ve V. Ve
o N eale
detail [ N N, | (kN) | (kN) |V,
ANg | ANy | ANg | £ N; s
(kN) (kN)
(kN) | (kN) | (kN) | (kN)
F1 61 64 222 347 - - 347 95 112 0.85
F2 44 69 182 | 295 | 1T20 - 295 98 94 0.88
F3 43 70 181 294 1T20 122 416 114 114 1.00
F4 - - - 89 | 2T25 185 274 75 80 0.94
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General data
b =400 mm,d =237 mm, z taken as 200 mm
Stirrups f,, = 531 N/mm? in B1 and B2, fyw =480 N/mm?® in B3 and B4
Main bars f, = 520 N/mm” in B1 and B2, f,=550 N/mm” in B3 and B4
Comp bars f, = 521 N/mm’ in B1 and B2, f, =480 N/mm’ in B3 and B4

Table 3 — Beams Series “B” -. Data and Analysis

a) Beam details

Corner bars Middle Bars

Beam feu pwlywbz y | bicotfp | 1,

No | (MPa) (kN) . fy . fy
detail (MPa) detail 1 (MPa)

Bl 29.7 85.6 2T25 | 295 | 1T25 | 575 1.64 | 750 162 875
B2 29.7 85.6 2T25 | 2.95 | 2T25 | 875 1.64 | 450 108 575
B3 38.0 131.2 2T25 | 4.17 | 2T25 | 1375 1.85 - 108 -
B4 38.0 131.2 2T25 | 4.17 | 2T25 | 1175 1.85 | 150 108 275

Notes: fi, calculated from equation (2), for dimensions 1, y, b; cotp, and 1, — see
Fig. 10 — in millimetres; stirrups: T8@125.

b) Calculation of Vi 4 and V;

Beam No p Vired (kN) | Vi (kKN) cot 0 Vi (kN)
Bl 1.04 70 72-80 1.10 94
B2 1.04 70 60-70 1.10 94
B3 2.07 95 130 - -
B4 1.04 76 101 1.05 138

Note: Vi ea from equation (6)
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c) Calculation of V,

Beam X' N; AN, | AN-N; Nac Nso,max Ns,max Vo'V, callc/V u Vcalc
No | (mm) | (kN) | (kN) | (kN) | (kN) | (kN) | (kN) \'A
B1 60 49 | 219 170 404 | 511* 560 85/85/91 0.93
B2 120 182 | 360 178 322 500 682 103/94/96 0.98
B3 88 297 | 738 441 176 | 540%* 837 | 126/126/149 | 0.85
*Limited by Ay, - f;
Table 4 — Beams Series “C” -. Data and Analysis
General
Main steel f, =670 N/mm’
fyw=350 N/mm?’
Beam d fcu Z( D Vk,red Vcr Vcalc,Z(Z) Vcalc,2(3) Vu
No (mm) | (MPa) | (mm) | (kN) | (kN) (kN) (kN) (Veae!/V)
Cl 370 49 219 170 404 511% 560 85(0.93)
C2 270 182 360 178 322 500 682 103 (0.98)
C3 270 297 738 441 176 540* 837 126 (0.85)
C4 270
Notes:

1) z calculated for uls flexural with two main bars at yield
2) strength calculated for two main bars at yield V =N, ,/0,9(m)
3) strength calculated as V=2p 2z
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Table 5 — Beams Series “T” -. Ultimate Load Analysis

General data

by =125 mm, d = 255 mm, z =227 mm for T1, z= 232 mm for T2,1 = 608 mm

Stirrups fy,, = 300 N/mm?, p,f,,, =2.68 N/mm’ p,fy, by, = 335kN/m
Main steel f, = 510 N/mm® A, e, = A qpfy = 320.5 kKN

fy, for exposed bars = (0.3 + 15 s /s, ¢ ) /T, =0.519f, .

Beam d fcu Z(l) Vk,rcd Vcr Vcalc,Z(z) Vcalc,2(3) Vu
No | (mm) | (MPa) | (mm) | (kN) | (kN) | (kN) (kN) (Veae/ Vi)
T1/1 41.7 137 4.52 568 485 135 135 147 (0.92)
T1/2 41.7 137 4.52 568 485 135 135 150 (0.90)
T2/1 51.2 139 3.71 466 323 131 131 144 (0.91)
T2/2 51.2 139 5.05 635 440 141 139 155 (0.90)
Notes:

1) Nyow=143V+ VY152

2) in calculating fi s, (the limit bond stress for the upper bars) A /s ¢, Ay as

been taken as the area of one stirrup leg.
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ABSTRACT

Shrinkage and thermal gradients often concur in early-age concrete cracking. It is
nowadays recognized that a proper design of durable constructions should account
for the effect of hygro-thermal strains. Massive constructions such as concrete
walls can be significantly affected by shrinkage and thermal cracking because of
their large size and particular geometry.

A numerical study on shrinkage and thermal cracking in concrete walls is
presented in this paper. Both the risk of early-age thermal cracking and the
development of long-term crack patterns are discussed with regard to a specific
case study. Aim of the paper is to provide some useful suggestions for structural
design and build-up procedures, as well as some indications on the procedures to
be adopted in the analysis.
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1. INTRODUCTION

Shrinkage and thermal strains are nowadays recognized as among the major causes
of cracking in many concrete structures. Since such a cracking can compromise
durability, a proper design of structure, materials, and construction procedures is
required to prevent those effects.

Durability is nowadays gaining attention by designers since several standards
underline the necessity of guaranteeing an adequate service life to the structure.
Besides being enhanced by concrete compactness (i.e. reduced porosity) which
can be attained by reducing the water/cement ratio, durability can be improved by
controlling crack width, since cracks represent an easy way for aggressive agents
to reach and corrode the reinforcement.

Shrinkage is mainly associated with the transport of water inside the concrete
(ACI 209.1R, 2005; Lura, 2003). Among the many different shrinkage forms that
are recognized at present, autogenous and long-term drying shrinkage play a major
role in cracking of massive structures made with ordinary concrete. The
temperature rise in hardening concrete is a consequence of the heat produced
during cement hydration.

Past negative experiences show that concrete walls can be significantly
affected by shrinkage and thermal cracking, mainly due to their relatively small
thickness and large size (ACI 224.1R, 1993; Kjellman and Olofsson, 2001; Cusson
and Repette, 2000).

Results from a numerical study on shrinkage and thermal cracking in concrete
walls are presented in the following.

Aim of this paper is to provide some useful suggestions to properly design
durable concrete walls. Nonlinear analyses were performed for both the structural
behavior and heat transfer, by means of Diana FE Code (Release 9.1 and 9.3;
Manie and Kikstra, 2008).

The major factors concurring to early-age thermal cracking can be
summarized as follows: (1) constraints provided by adjacent elements that contrast
thermal dilation; (2) thermal gradients due to heat transfer between contiguous
members; and (3) sudden cooling due to the early removal of the formworks
(Springenschmid, 1995; Plizzari et al., 2009).

Shrinkage-induced stresses in concrete walls are mainly due to the differential
volume changes with respect to the foundation slab, because of the different
casting times and different geometries (the latter affects the rate of drying).

The case study analyzed in the following is a concrete wall exhibiting time-
dependent strain profiles induced by either early-age thermal gradients or
shrinkage (Fig. 1).

The wall has a cross section of 5 x 0.5 m and a length of 30 m, while the slab
foundation has a width equal to 1.5 m and a thickness of 0.5 m. Some geometrical
features are varied for a parametric study presented in the second part of this

paper.
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The paper is divided into two main sections: (1) risk of early-age thermal
cracking, and (2) crack-pattern development due to shrinkage or thermal volume
changes. A short presentation of the case study and of the modeling come before
each section.

0.5m

1.5m

Figure 1 - Reference geometry (Zanotti et al., 2010a).

2. RISK OF EARLY-AGE THERMAL CRACKING

Multi-phase nonlinear coupled flow-stress analyses were performed to study the
risk of thermal cracking during concrete hardening. Either simultaneous or
differential casting of the foundation slab and the wall were assumed. In the
former case, the construction process is subdivided into 2 phases: concrete casting,
and removal of formworks (2, 4 or 6 days after casting). In the latter case, the
construction process is subdivided into 4 phases: slab casting, removal of slab
formworks (2, 4 or 6 days after slab casting), wall casting (7, 14 or 28 days after
slab casting), and removal of wall formworks (2, 4 or 6 days after wall casting).

Thermal gradients across the thickness are recognized as the major cause of
early-age thermal cracking in 2-D thin members (Kjellman and Olofsson, 2001). A
plain-strain 2D-model was therefore adopted in this first part of the work (Fig. 2a).
Concrete parts and forms are modeled by means of 40x40 mm or 40x10 mm
quadrilateral isoparametric elements, while triangular isoparametric elements are
used for the soil. The integration scheme is linear for heat-transfer analysis and
quadratic for structural analysis so that compatibility is guaranteed.

Two-node boundary elements are placed along the perimeter of the
construction to model convection during the thermal analysis. Therefore, boundary
elements lay on the outer edges of the formworks, the wall, the slab and the soil.
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At each phase, only the boundary elements that lay on the lines actually
involved in convection were activated. Adiabatic conditions were imposed along
the vertical line of symmetry (line AB, Fig. 2a). Moreover, adiabatic conditions
were assumed along both the lower and the lateral edges of the soil (lines BC and
CD, Fig. 2a), in order to model the effect of the surrounding soil that was not
included in the mesh. The size of the soil included in the mesh was properly
designed in order to ensure that the edges BC and CD (Fig. 2a) are far enough
from the concrete slab and thus are not affected by the exchange of heat between
the concrete slab and the soil.

Concerning the structural analysis, horizontal translational constraints were
applied along the axis of symmetry (line AB, Fig. 2a) and the lateral edges of soil
(lines BC and CD, Fig. 2a), while vertical translational constraints are placed only
along the lower horizontal edge of soil. The crack risk, y, is defined by Eq. 1.

where t=time; X, y, z= global coordinates; ;= maximum principal stress; and
f. = concrete tensile strength. Cracks should appear when x = 1 but they form
earlier because of the random nature of the tensile strength; hence, a value lower
than 1 has been adopted to stay on the safe side (y = 0.7).

2.1 Heat transfer analysis , hydration process and material behavior

Aim of the heat transfer analysis is to determine the development of both
temperature gradients and concrete properties during and after hydration.

Temperature is the unknown degree of freedom of the equation for global heat
transfer (Eq. 2):

oT
ch=V(kVT)+q ()

where T is temperature, ¢ is time, p is the material density, c is specific heat, k is
thermal conductivity, V is the spatial gradient and ¢ is the rate of heat generation.

Reference is made to the nonlinear formulation suggested by Reinhardt et
al. (1982) for modeling concrete hardening and temperature development. The
degree of reaction, r, as defined by Eq. 3, is the parameter accounting for the
hardening stage of the concrete:

Q(t3 X’ y’ Z)

r(t,x,y,z)= Q
max

)
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where ¢ is time, x, y, z are the global coordinates, Q is the actual amount of heat
that has been generated in each specific point of the concrete construction at time
t, and O, is the total amount of heat produced by the hydration reactions. Q4 is
a function of just the chemical composition and the total volume of the concrete.
Cement hydration is completed when r = 1.

The rate of heat generation, g, is affected by both the temperature and the
degree of reaction. In order to make the numerical procedure easier, the function
q(r,T) can be split into two different parts, one depending on » and one depending
on T only (Eq.4). The well-known Arrhenius relation, here named g(7), is
commonly used for temperature:

b
T(t,x,y,2)

a—Q=q(t,x,y,z)=g(T)f<r>=aexp[—

ot ]f (r(t,x,,2)) (4)

where a and b are material constants. Arrhenius constant, b, is given a value of
6000. Term af(¥) is the rate of heat generation in adiabatic conditions and can be
derived from experimental adiabatic temperature-time curves (Fig. 2b). Provided
that the amount of heat produced by hydration reactions depends on concrete
chemical and physical properties, two different mix-designs for a C30/37 concrete
are considered in the present work: the first mix is made with standard
constituents, whereas blast furnace slag is added to the second mix. Cubic
specimens were insulated by means of polystyrene layers and the temperatures
developed during the first week after casting were monitored. The results are
shown in Fig. 2b, where the beneficial role of blast-furnace slag for limiting
hydration heat is evident.

The adiabatic function af{r) is derived from the adiabatic temperature-time
curves by means of Eq. 5:

af(r)=aexp[§j= e exp[?] )

where At is a given time increment, ¢ is the specific heat, and ¢ is the average

rate of heat evolution within Az. Function f{¥) is scaled to 1, so that the constant
a takes the meaning of the maximum rate of heat evolution, equal to the maximum
value of term af(r).

Thermal and mechanical properties assumed for hardened concrete at ambient
temperature, formworks and soil, are listed in Table 1. A thickness of 20 mm or
5 mm is assumed for timber and steel forms, respectively. The laws assumed to
model the influence of the degree of hydration on concrete thermal and
mechanical properties are shown in Fig. 2c¢ (Reinhardt et al., 1982; Onken and
Rostasy, 1995).
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Table 1. Thermal and mechanical properties at 20°C: thermal conductivity k,
specific heat ¢, convection coefficient h and density p; Young Modulus E, Poisson
coefficient v and tensile strength f.

Material k ¢ h P E M fe
[WmK] [J/keK] [W/mK] [ke/m’] [MPa] [MPal
Concrete 1.19 900 25 2300 33000 0.2 2.9
Soil 11 880 i oo 0 02
Wood 0.12 3780 4 300 - - -
Steel 40 473 15.46 7900 - - -
A - by Adiabatic terrperature-time curves
& 60— ...
o 50—
‘E 407 Concrete type:
o ;3_ —— A) ordinary C30/37
g 10 - - - Byimproved C30/37
0 T T T T 1
0 1 2 3 4 5 fi 7
) . titre [day]
a) Plain-strain model c) Concrete properties vs degree of reaction
] (o)
D o - 4 _co ki=1)
SRR 1 =D
*f-‘ﬂgg VA -
PRSE ﬁ? B e
h"ﬁ;ﬁ,h PAY % 05 3 Ef)
wseic S 6
SAERK o . =1
\[A s - 04
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=
=
[
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Figure 2 — (a) Plain-strain model; (b) experimental adiabatic temperature-time
curves; and (c¢) plots of thermal conductivity k, specific heat ¢, Young Modulus E
and tensile strength f, versus the degree of reaction r (Zanotti et al., 2010a).

2.2 Temperature development

Figs. 3 and 4 show the development of both the temperature and the degree of
reaction during the first days, when the foundation and the wall are not cast
simultaneously (the timber formwork have a thickness of 20 mm). A steady
ambient temperature of 21.7°C is assumed. It should be noted that the temperature
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rise in the slab is lower than that in the wall due to the different geometry. The
slab temperature equals the ambient temperature a week after casting (Fig. 3a),
while the hydration reactions are almost entirely exhausted at that time
(0.9 <r<1, Fig. 3b). Obviously, lower temperatures are registered close to the
edges of the construction, due to the heat transfer to the environment (Figs. 3a,
4a). Accordingly, the inner concrete parts harden faster than the external ones
(Figs. 3b, 4b).

a) Temperature [°C] b) Degree of reaction
™ i 9 ‘
Sinim LG Lhes LT3 LL AP e
353025 30725 3025 S 0.6<r<07 0.7<r<0.8 0.7<r<0.9
1 day* 2days* 2 days* 3 days* 5days* 1day*  2days* 2days* 3days* 5 days*

w *Time period after casting the slab w

removal of timber moulds removal of timber moulds

Fig. 3 — Plots of the temperature (a) and of the degree of reaction (b) in the
concrete slab throughout the first days, before casting the wall (in the case of non-
simultaneous casting of wall and slab); timber is assuned for the formworks.

a) Temperature [°C] b) Degree of reaction
§ F g ] ] il ™ — ] =
iy ™ =] 0.8 ~40.8 0.9
‘A s
removal removal
of timber of timber| 09<r<1
moulds moulds
09<r<l1
) s )
0.8<r<09
0.8<r<0.9
45 0.7<r<0.8
S0 a5 45 0 40
35 a0 s 354 ‘ - -
[
30 jzs—mjj 30795 | |25 ]

1 day* 2days* 2days* 3days* 5days* 1day* 2days* 2days* 3 days* 5 days*
*Time period after casting the wall

Fig. 4 — Plots of the temperature (a) and of the degree of reaction (b) in the
concrete wall throughout the first days, in the case of non simultaneous casting
with timber formworks (Zanotti et al., 2010b).
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Therefore, a lower insulation (provided by the forms) from the environment
provokes higher thermal gradients within the cross section and a slower hardening
process. Note that removing the highly-insulating timber formworks causes a
sudden cooling of concrete, starting from the lateral edges.

2.3 Risk of cracking

Figure 5 shows the evolution of the crack risk in the wall as a function of time, by
assuming that the wall is cast at least one week after the foundation. Timber
formworks (Fig.5a) and steel formworks (Fig.5b) are adopted and the laying time
of formworks varies from 2 to 6 days. According to the numerical results, timber
formworks are able to prevent wall cracking since the maximum crack risk (which
is reached about one day after casting) is lower than 0.7 (point A, Fig. 5a).
However, if formworks are removed too early (two days after casting, when
concrete temperature is still high), the sudden cooling shown in Fig. 4a causes
surface cracking (point B, Fig. 5a). The crack risk can be significantly reduced by
postponing the removal of formworks from 2 to 4 days (points C and D, Fig. 5a).

The crack risk turns out to be higher than 1 a few hours after casting in the
case of steel moulds, due to the their lower insulation properties (point A, Fig. 5b).
A lower amount of heat is accumulated during the laying of steel moulds; thus, the
removal of steel moulds cause only a slight increase of the crack risk (points B, C,
D, Fig. 5b).

Note that two very different types of cracks may appear (Fig. 6a). The early
removal of well-insulating formworks may produce surface cracks, whereas more
severe through cracking may develop in the core of the section because of
inadequate insulation soon after casting (Kjellman and Olofsson, 2001). Therefore,
the first crack type appears after the removal of formworks, while the second crack
type appears at an earlier stage (a few hours after casting).

In Fig. 6b, the maximum values of the crack risk obtained straight after
casting as well as after the removal of formworks, are compared for various values
of the following parameters: mould type, mould laying time, time span between
foundation casting and wall casting, and concrete mix (i.e. the adiabatic
temperature-time curves of Fig. 2b). When casting simultaneously the wall and the
foundation, a higher amount of material is hydrated at the same time and the crack
risk increases.

The addition of blast-furnace slag in the concrete mix allows to reduce and to
retard the heat development, as shown by the experimental temperature-time
curves (Fig. 2b), with the beneficial effect of a markedly reduced crack risk.

When using timber formworks with simultaneous casting, the crack risk is
reduced from 1.1 to 0.65 (Fig. 6b); the risk further decreases up to 0.35 when the
wall is cast after the foundation. On the other hand, the improvement of the mix
composition does not fully prevent surface cracking, even though the risk is
slightly reduced.
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Figure 5 - Ordinary concrete C30/37 (type A, see Fig. 2b); wall and foundation
slab cast in succession: risk of cracking (y) in the wall through the first week after
casting, with (a) timber formworks; and (b) steel formworks (Zanotti et
al., 2010b).

Swface cracks dus
to sudden cooling , .
a) Crack types b) Maxirum crack nsk, ¥
- / 25—
22
153 §
1 m
1 - aa »
0.7 :_@_ — — _’_ — —
05 4
E u
0=— I i
Through cracks due to Before n*=2 n¥=4 nt=
hagh imternal gradients it 4 Reorving forms o days after casting
Conerparary Inproved CS037 Opdinary C3037 Opdinary CIW3T
castng D timber formwrork {} tomber foemwrark D steel frrmarcele
N ermemparary Lrvpenved C3037 Orpdinary C30057 Ordinary C3037
casting . tirnber formerodk * timber formwork . steel fommarcak

Figure 6 — (a) Different types of cracks that may appear in the wall; and (b)
maximum crack risk before and after the removal of the formworks, for
contemporary and non-contemporary casting of the foundation slab and of the wall
(Zanotti et al., 2010D).
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The removal of the timber formworks two days after casting brings in a crack
risk equal to 1.3 or to 1, depending on whether the casting of the foundation slab
and that of the wall are simultaneous or are performed in successive times (of
course, first the slab and later the wall). Timber formworks should be kept in place
at least for 3 or 4 days.

3. CRACK PATTERNS DUE TO SHRINKAGE OR THERMAL VOLUME
CHANGES

A 3-D model was adopted in order to describe concrete shrinkage as a time-
increasing volume contraction. The risk of shrinkage cracking varies depending on
the different constraints that, acting on the structure, restrict the concrete volume
changes.

Different degrees of restraint act on the wall due to the adjacent concrete slab,
the steel rebars, and the soil foundation. A preliminary study indicated that the
main cause of shrinkage cracking is the differential shrinkage between the wall
and the foundation slab (Plizzari et al., 2009), while the degree of restraint
provided by soil friction resulted negligible in comparison with the constraint
provided by the slab. Therefore, soil friction was neglected and the soil was
modeled by means of no-tension vertical springs acting along the intrados of the
foundation slab (Winkler-type soil with elastic stiffness in compression
ky =90 x 10° N/m?).

Linear-strain isoparametric cubic elements (with a side of 125 mm) are used
for concrete modeling.

¢ (0, fotm) plain concrete - - - --

fom = 2.9 MPa; Gp= 95 J/m?
SFRC (V§=0.38%) e—e—e
fetm Ot S W1 We
295 1888 1.05 0.025 3.53

(W1, 81)

stress [MPa]

(We, 0)

. Ge[l/m?]
\

crack opening [mm]

Figure 7 — Concrete in tension, without/with steel fibers: tension softening laws
(Cornelissen et al., 1986; CEB-FIP Model Code 1990; Cominoli et al., 2005;
Zanotti et al., 2010a).
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3.1 Crack modeling

The development of crack patterns caused by time-dependent volume changes is
studied by smearing the cracks and combining the smeared-crack approach with
the multi-directional fixed crack model (Rots, 1988). Nonlinear tension softening
for plain concrete was introduced as suggested by Cornelissen et al. (1986), see
Fig. 7; fracture energy Gr was evaluated according to MC1990 (1993). Steel Fiber-
Reinforced Concrete (SFRC) was modeled as a homogeneous material, whose
mechanical properties were experimentally determined by means of fracture tests
(Cominoli et al., 2005); a bi-linear law was adopted to describe tension softening
of SFRC (Fig. 7). Linear elasticity was assumed for compression, as limited
stresses were expected.

The wall-to-slab foundation joint is modeled by means of zero-thickness
interface elements. The elastic normal stiffness Dy, is given by Equation 6:

t E E E

N
D =" =" = = :3310157
YA, 1, 107 107m m’ ©

n n t

where t, is the average normal stress, Au,is the relative displacement in the
normal direction; and E is the concrete elastic modulus (= 3.3 GPa; EC2, 2005).

The elastic tangential stiffness D,, is determined by assuming small
displacements and small strains in the elastic field (Egs. 7,8):

1
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where t;is average tangential stress; Au;is the relative displacement in the
tangential direction; yis the shear rate; Gis the shear modulus; and vis
the Poisson coefficient (equal to 0.2).

In order to verify the compatibility between the stiffness of concrete bricks
and the interface eclements, a number of numerical tests in both normal and
tangential directions was performed (Plizzari et al., 2009).

The nonlinear interface behavior between the wall and the foundation is
modeled according to Mohr-Coulomb. Two different surface types are considered:
smooth and rough interface. The former represents any situation with a very low
degree of restraint between the wall and the foundation; conversely, a rough
interface represents those situations characterized by high degree of restraint.

Finally, the maximum restraint condition is represented by perfect bond
between the two structural elements (no mutual slip or detachments).

The interface properties are reported in Table 2 and are based on the
parameters suggested by the Eurocode 2 (EC2, 2005) for cast joints. Tension
softening is neglected at the interface and associated plasticity is assumed.
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Table 2. Parameters assumed for the nonlinear interface behavior (EC2, 2005).

Surface  Cohesion coefficient Friction angle Tensile strength
type i [MPa] ¢ fiint [MPa]

smooth 1.305 26.5° 1.45
rough 1.725 35° 1.86

3.2 Steel reinforcement

A symmetrical elasto-plastic behavior with hardening was assumed for the steel
under tensile and compressive stresses (Fig. 8).

The longitudinal reinforcement acts as an internal constraint if the shrinkage
mainly develops along the longitudinal axis of the wall. In order to account for this
internal constraint, the rebars placed in the wall are modeled by means of truss
elements, whereas embedded reinforcement is adopted for the foundation slab.
While truss elements - as discrete elements — can act as internal constraints for the
wall, embedded reinforcement is only able to simulate an improvement of the
concrete mechanical properties that comes as a consequence of the presence of
rebars. On the other hand, as a major advantage, embedded reinforcement is very
easy to handle.

Stirrups laying in vertical direction weaken the resistant concrete section.
Modeling of stirrup geometrical volumes, however, would require a very fine
mesh, which is incompatible with the wall size. Therefore, such an effect is
considered by properly decreasing the tensile strength of the elements containing
the stirrups (Plizzari et al., 2009).

strain [%o]

Figure 8 — Steel law in tension and compression (Zanotti et al., 2010a).
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3.3 Crack patterns and influence of longitudinal reinforcement

Regardless of the properties of the wall-foundation interface or of the amount of
the reinforcement, first cracking of R/C walls always occurs for shrinkage strains
approaching 50 pe. In the diagram of Fig. 9, the maximum crack openings reached
in the structure for increasing shrinkage strains (that is, volume changes) are
compared, for three different reinforcement ratios ps. The beneficial contribution
of longitudinal reinforcement is clearly visible: the higher the amount of
reinforcement, the smaller the maximum crack opening corresponding to a given
value of shrinkage strains (e.g., a crack opening of 0.5 mm is reached when strains
are equal to 135x10°° with the lowest reinforcement ratio, and equal to 145 10 in
the other cases). The influence of steel rebars on crack opening increases for
increasing shrinkage strains; as a matter of fact, a crack opening of 0.8 mm is
associated with volume changes equal to 135 10, 150 10, or 210 10, depending
on the reinforcement ratio.

1.4 .
wall reinforcement ratio: ! I
12 ps = 0.048% .5
£
£ 11— — - ), =0.13% 4T: !
®)) |
208 —— ps=0.26% L
% 0.6 3 X f/\_/
" |
S T ', 6
o 04 \
5 2
0.2
"
0 | T S | | |

0 25 50 75 100 125 150 175 200
volume changes [107]

Figure 9 - Maximum crack opening as a function of shrinkage strains (or volume
changes), in case of rough wall-foundation interface (Meda et al., 2010).

Should the longitudinal rebars not affect first cracking and enhance globally
the crack pattern, the internal restraint effect would be apparently negligible,
compared with the restraint provided by the foundation slab.

Three different crack levels may be identified (Fig. 10):
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- 1™ level: cracks spread along the wall base (strongly affected by the properties of
both stirrups and wall-foundation interface);

- 2" level: localized vertical cracks that do not reach the top of the wall;

- 3" 1evel: vertical cracks covering the whole height.

1) First cracking (g, =50x10-) 2) Micro-cracks spread to the
at boundaries, in the lower part middle of the wall and affect

of the wall

3) Cracks grow in vertical
direction

concrete parts weakened by
stirrups

4) Principal cracks progressively develop localize

Figure 10 — Crack-pattern development for increasing shrinkage strains
(reinforcement ratio of the wall p; = 0.13%; rough wall-foundation interface).

The different branches of the curves of the maximum crack-opening versus
shrinkage volume changes (or strains, Fig. 9), correspond to different stages of the
wall cracking, as shown in Fig. 10. Cracking stages can be summarized as follows:

(1) Micro-cracks spread along the wall base (1% level).

(2) First vertical macro-cracks form (2™ level) and strains localize, followed by a
sudden increment of the maximum crack opening.

(3) Other vertical macro-cracks develop (2" level); in this stage, the increase of
shrinkage strains is followed by multiple-cracking, without any increases of the
maximum crack opening, this being a plus provided by the reinforcement.

(4) Two vertical cracks - equally far from the boundaries and from each other -
reach the top of the wall (3" level), with the wall resulting subdivided in three
equal parts.

(5) Primary macro-cracks develop (3™ level); with the largest reinforcement ratio,
a further vertical crack develops at this stage; consequently, primary cracks
open less than in the other cases.
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(6) In the wall having the largest reinforcement ratio, the strains localize around
the new vertical crack (point 5); accordingly, the primary cracks are partially
closed and the maximum crack opening suddenly decreases to 0.6 mm; later
on, the crack opening starts increasing again up to 0.8-1 mm for shrinkage
strains that are significantly higher than in the other cases.

3.4 Influence of the properties of the wall-foundation interface

In the diagrams of Figs. 11 and 12, the responses of different walls having the
same amount of longitudinal reinforcement, but different degrees of restraint with
the foundation slab (different wall-foundation interface properties), are compared.
A better structural performance is achieved in the case of a smooth wall-
foundation interface than in the case of a rough interface (i.e. with more friction).
The influence of the wall-foundation interface on crack patterns is
particularly significant for p;=0.048% (lowest reinforcement ratio, Fig. 11).
Conversely, interface roughness plays a minor role for higher values of ps, since in
these cases the reinforcement is able to effectively limit crack opening (Fig. 12).

1.4 ™ 1.4
wall-foundation interface: N y/ wall-foundation interface:
[ | P rough ! E' T 129 . rough
E 14 smooth i E 1 smooth /
] g
2os8 ! 2os8 s 7
c C /
g l g F/
g 0.6 N g 06 I
x X
g 04 & 8 04 7%
G ”\ G [
0.2 0.2
/] ps = 0.048% ’ 0s=0.13%
0 T T T T T T T T 0 T T T \ T T T
0 25 50 75 100 125 150 175 200 0 25 50 75 100 125 150 175 200
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Figure 11 — Plots of the maximum crack opening versus shrinkage volume
changes (or strains) in the wall: reinforcement ratio ps = 0.048% (left) and =
0.13% (right); see Meda et al. 2010.

3.5 Influence of geometry

In Figure 12 the plots of the maximum crack opening versus shrinkage strains are
shown for various wall geometries. Beside the reference geometry, having height
H =5 m and length L = 6H = 30 m, two further cases are considered: the first with
a height reduced by 50% (H =2.5 m and L = 12H = 30 m) and the second with a
length increased by 50% (H = 5 m and L = 4H = 20 m). It can be observed that, by
reducing the ratio L/H, the structure performance is improved. L/H can be reduced
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Figure 12 — Plots of the maximum crack opening versus shrinkage strains in the
wall having a reinforcement ratio ps=0.13%, a rough wall-foundation interface
and three different height-length ratios (Meda et al, 2010).

by reducing L (for instance, by placing proper vertical joints) or by increasing H,
that provides a further small benefit, i.e. the reduction of the constraint provided
by the foundation slab, due to the increment of the ratio between the cross area of
the wall and that of the foundation (Cusson and Repette, 2000).

In the wall with L/H=12 (Fig. 13), a larger number of primary vertical
cracks (3rd level) can develop in comparison with the other two cases; the spacing
is almost equal to the wall height. One can observe that lower vertical stresses are
involved and, in the central part of the structure, no compressive longitudinal
stresses develop. Conversely, boundary effects are unchanged. In the case with the
reference height of 5 m and a reduced length (L = 4H = 20 m), the influence of the
vertical compressive stresses is greater and no primary crack appears (Fig. 14).
The longitudinal stresses are markedly nonlinear and the boundary effects
influence the whole length.

Figure 13 - Crack pattern of the wall having height H=2.5m and length
L =12H =30m (Meda et al., 2010).
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Figure 14 - Crack pattern of the wall having height H=5m and length
L =4H =20m (Meda et al., 2010).

3.6 Fiber-Reinforced Concrete

Previous diagrams show that the structural performance can be improved by
increasing the amount of longitudinal reinforcement or by placing vertical joints
(in order to reduce L/H).

These solutions, however, these solutions turn out to be effective only in the
case of large deformations, to limit crack opening above 0.3 mm.

Smeared reinforcement - such as fibers — may be added to the concrete mix in
order to increase concrete toughness (Fig.2) and, therefore, to better control
micro-cracking. In Fig. 15 the responses of a wall reinforced by means of ordinary
rebars (ps = 0.13%, Curve 1) and a wall reinforced with hooked steel fibers (v¢ =
0.38%, Curve 2) are compared. Fibers are shown to effectively control micro-
crack opening, contrary to conventional rebars that are effective only for larger
deformations. Finally, an optimized solution for designing the reinforcement with
respect to shrinkage effects may be achieved by properly combining fibers and
rebars.

Therefore, the behavior of a FRC wall reinforced with steel rebars
placed at the top is analyzed, assuming that that the maximum opening of
the primary cracks occurs at the top of the wall. The results show that the
performance of the FRC wall under large deformations can be improved by
placing longitudinal rebars at the top, since crack opening is further reduced
(Curve 3, Fig. 15).
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Figure 15 - Response of the walls reinforced with rebars (Curve 1), with fibers
(Curve 2) and with an optimized combination of rebars and fibers (Curve 3,
Zanotti et al. 2010a).

4. CONCLUDING REMARKS

A parametric study on the risk of thermal and shrinkage cracking was presented
and discussed in this paper with the aim of providing some useful information for
a proper design of concrete walls with regard to hygro-thermal phenomena.

The main results can be summarized as follows.

e Thin walls made of ordinary concrete are actually exposed to the risk of early-
age thermal cracking mainly due to the low thickness and the large size;
compared with shrinkage, hydration heat can produce more significant and
damaging effects.

e Early-age thermal cracking can be prevented — or limited — by optimizing the
construction process with some simple expedients, such as adopting moulds
that are able to provide enough insulation or postponing mould removal.

e Particular constituents, such as blast-furnace slag, added to the concrete mix
moderate and limit the hydration-heat development.
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e Differential volume changes between the wall and the slab foundation may
foster the formation of micro-cracks along the wall base, as well as the
propagation of more damaging vertical cracks throughout the whole height.

e Major factors affecting shrinkage cracking are the geometry of the wall and of
the slab foundation, the roughness of the cast joint, the longitudinal and

transverse reinforcement, and the steel-fiber content.

o An effective control of both micro- and macro-cracks can be achieved by
optimizing the reinforcement, through a proper combination of steel fibers and
conventional bars.

The results obtained in the present study clearly demonstrate that performance
requirements for concrete structures should include, beside the usual strength
class, workability class and exposure class, a maximum shrinkage deformation;
this requirement will better guarantee the crack control which is of paramount
importance for durability and consequently, for guaranteeing a proper the service
life of the structure.
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NOTATION

The following symbols are used in this paper:

C =

E =

Dll s D22

fet =
ft,int =

ToEAE I QA
[

specific heat

Y oung modulus

interface normal , tangential stiffness
concrete tensile strength

interface tensile strength

shear modulus

fracture energy

wall height

thermal conductivity

wall length

hydration heat

degree of reaction in hydration processes
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t = time

ta, = average normal , tangential interface stress
T = temperature

Vi = fiber volume fraction

X, Y, Z = global coordinates

X = crack risk

Au,, A, = relative interface normal , tangential
¢ = friction angle

Y = shear rate

u = cohesion coefficient

v = Poisson ratio

Ps = steel reinforcement ratio
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ABSTRACT

The identification of concrete behavior under dynamical loading (near-field
detonation or ballistic impact) is the objective of this paper. In order to reproduce
high stress levels according to well-controlled loading paths, static tests were
carried out on concrete specimens, by means of a very high-capacity triaxial press
(stress levels close to 1 GPa).

The effect that concrete mix design (water-cement ratio, cement-paste
volume, aggregate size) has on concrete behavior under high triaxial loading is
specifically addressed, with reference to static conditions. The experimental results
confirm that highly-confined concrete behaves like a granular assembly, with the
cement matrix playing no role at all.

The mechanical behavior of highly-confined concrete is hardly affected by
water/cement ratio. Furthermore, increasing the cement-paste volume and the
aggregate size has different effects with respect to little-confined concrete, where
both the strength and the stiffness increase significantly in the former case and
slightly in the latter case.

Finally, increasing the confinement level tends to homogenize the ultimate
strengths of different concretes, as shown by the experimental results of this
project concerning three concretes covering the range 20-60 MPa.

KEYWORDS : concrete, mix design, high confinement, triaxial tests
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1. INTRODUCTION

Concrete undergoes very severe triaxial loads in case of violent explosions or
ballistic impacts (Warren et al., 2004). In such exceptional cases, and especially
under impact, the target may be completely perforated. Hence the validation of
concrete constitutive models, taking into account simultaneously the phenomena
of brittle damage and irreversible strain in compaction, requires specific tests
capable of reproducing complex loading paths.

The static characterization of a material in order to predict its dynamic
behavior is nothing new in the study of geomaterials. Thereby the strain rate
effects need to be studied as well. The rheological behavior of concrete under
confined compression hardly depends on the strain rate in both dried and wet
specimens (Forquin et al., 2010). Thus, the strain rate effect in compression can be
neglected in numerical simulations (Hentz et al., 2004). The strong loading rate
dependency in tension can mainly be explained by the influence of the propagation
velocity of defects (Hild et al., 2003) and must be taken into account in
simulations.

The static characterization has three advantages: the instrumentation of the
specimen may be more complete than in a dynamical test; the loading path can be
better controlled; and running the test is less expensive.

A high-capacity press, called GIGA, has been specifically designed and
installed in the 3S-R Laboratory in collaboration with the technical center “Centre
d’Etudes de Gramat” of DGA (Délégation Générale pour I’Armement, French
Ministry of Defense). This joint effort is part of a larger research project on the
vulnerability of concrete infrastructures under impact. This press allows to study
ordinary concrete behavior for stress levels of the order of Giga Pascal (Vu et al.,
2009a; Vu et al., 2009b; Gabet et al., 2008; Poinard et al., 2010; Dupray et al.,
2009). Within this context, the influence of the mix design (aggregate volume,
aggregate size, water-cement ratio) on concrete behavior under high triaxial
compression loading is investigated.

Most of the available experimental results refers to triaxial loading with
moderate confining pressure (Li et al. 1970). More specifically, experimental
studies on the triaxial behavior of cementitious materials have been carried out on
small mortar samples (Bazant et al. 1986; Burlion et al. 2001). The novelty of the
present study is that the analysis of the triaxial response refers to “real” concrete,
with aggregate dimensions close to one centimeter, at very high confinement
levels.

The experimental set-up used to perform the current study is described in
Section 2, while Section 3 presents the main results concerning the effects of the
water/cement ratio, and Sections 4 and 5 introduce the influence of coarse-
aggregate size and cement-paste volume, respectively.

The presentation of the main conclusions and the outlook of the future work
end the paper.
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2. EXPERIMENTAL SET-UP

The GIGA press is a large-capacity triaxial press, which has been specifically
designed and developed for this study. Cylindrical concrete specimens (<& = 70
mm; h = 140 mm) can be tested by applying confining pressures as large as 0.85
GPa and axial stresses up to 2.35 GPa. A picture of the press, as well as a section
of the specimen and of the loading apparatus are shown in Figure 1 (Vu et al.,
2009c).

The concrete specimen, surrounded by a membrane impermeable to the
confinement fluid, is placed between tungsten-carbide caps. The instrumentation
of the specimens consists of one Linear Variable Differential Transformer (LVDT)
for measuring the axial displacement, one axial gauge and two circumferential
gauges (Figure 2).

Caps

Confining Confining

cell fluid

Concrete

sample
Axial load

sensor

Main jack
13 MN .
. II, Piston
4

Figure 1 — GIGA press (left); and cross-section of the confining cell (right).

The LVDT sensor used in this study is Type 500XS-3013 by Schaevitz
Sensors Company. The gauges (EP-08-10CBE-12 type from Vishay Micro-
measurements Company) are 28 mm long. These gauges allow strain
measurements up to 15%. The axial stress applied to the specimen and the
pressure inside the cell are monitored by means of force- and pressure-sensors.
The porous nature of the concrete requires the development of a protective
multilayer membrane surrounding the specimen, in order to prevent the confining
fluid from infiltrating the specimen (Vu et al., 2009¢), see Figure 2.

Compressive stresses and contraction strains are assumed to be positive; the
following symbols are used : o, = principal axial stress; p = pressure inside the
confining cell; o;, = mean stress; ¢ = principal-stress difference (deviatoric stress);
& = volumetric strain; g, = axial strain; and g¢= circumferential strain:
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Figure 2 — Instrumentation and protective membrane.
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All tests were carried out according to the same loading procedure. Each test
in triaxial compression starts with hydrostatic loading. This stage is called
“hydrostatic phase”. Once the desired confinement is reached, the specimen is
axially loaded, while the confining pressure is kept constant (Figure 3). This stage
is called “deviatoric phase”. Note that in all tests the value of the maximum
deviatoric stress is not imposed, but it is measured during the test.

The tests were carried by controlling the confining pressure p and the piston
displacement (Figure 1, displacement-controlled tests)).

triaxial

Figure 3 — Loading path.

3. INFLUENCE OF THE WATER/CEMENT RATIO

In order to study the effect of water/cement (w/c) ratio, the first step was to define
the mix design of a “reference” concrete called R30A7. Because of the value 0.60
adopted for the water/cement ratio, the reference concrete is called EC06 in this
section. (However, R30A7 and EC06 are synonims). By altering the water/cement
ratio, two “modified” concretes (EC04 with w/c = 0.4 and EC08 with w/c = 0.8)
were prepared (Vu et al., 2009b).

Except for the water/cement ratio, the three mixes are very close, and their
aggregate skeletons are almost identical (Table 1).

A suitable procedure for manufacturing the specimens was defined in order to
minimize the variability of concrete mechanical properties (Vu et al., 2009b).
After cutting the extremities of the specimens to the desired length and smoothing
the end sections, all specimens were stored in water for three months, in
accordance with an identical curing procedure. The specimens were then dried for
3-6 months in a drying oven at 50°C and 8% RH. Mass stabilization, however,
was reached after one month, when the daily variation - after the spell inside the
oven - did not exceed 0.1%.
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The triaxial tests were carried out with the confining pressure ranging from 0
to 650 MPa (Vu et al., 2009b). Figure 4 shows the results of the unconfined tests.
As expected, the decrease of the water/cement (w/c) ratio produces an increase of
both the peak stress Gy, and the Young’s modulus E.. Figure 5 shows the
deviatoric part of the triaxial state of stress in the tests carried out at a confining
pressure of 650 MPa.

The results indicate that the deviatoric behaviors of concretes EC08, EC06
and ECO04 practically coincide. This result confirms that in highly-confined
concrete, the cementitious matrix loses its cohesion, and that concrete behavior is
mostly controlled by a sort of “granular stacking”.

Since the granular skeletons of the concretes in question are identical, similar
deviatoric behaviors were expected, which implies that in highly-confined
conditions, concrete behavior is hardly sensitive to water/cement ratio.

Concrete mix design EC04 | EC06 | EC08
Gravel from 0.5 to 8 mm (kg/m’) 1000 | 1008 |991
Sand < 1800 um (kg/m’) 832 |838 |824
Cement CEM 152.5N PM ES CP2 (kg/m’) 349 263 |226
Water (kg/m’) 136|169 |[181
Sikafluid Superplasticizer (kg/m”) 4.5 0 0
Volume of entrapped air in fresh concrete (dm*/m*) 41 34 50.5
Mass per unit volume (kg/m°) 2322 2278 |2252
Water/cement (w/c) ratio 0.39 |0.64 |0.80
Cement paste volume V,, (m’/m”) 0.250 {0.252 [0.248

Concrete properties

Unconfined compressive strength at 28 days (MPa) 57.0128.6 |21.07
Average slump (Abrams’ cone, cm) 7.0 6.9 14.0
Porosity accessible to water 7% [12% |14 %

Table 1 — Mix design and mechanical properties of concretes EC04, EC06, ECOS.
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Figure 4 — Unconfined compression - Experimental results for concretes ECO8
(w/c = 0.8); EC06 (w/c = 0.64); and EC04 (w/c =0.4): plots of the axial stress oy
vs. the strains g, and .
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Figure 5 — Confined compression (650 MPa) - Experimental results for concretes
EC08 (w/c = 0.8); EC06 (w/c = 0.64) and EC04 (w/c =0.4): plots of the stress
deviator q vs. the strains & and gq. The tests on concrete EC04 are indicated
separately for the first test (nl) and for the second test (n2).
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4. INFLUENCE OF COARSE-AGGREGATE SIZE

In order to study the effect of coarse-aggregate size, from the mix design of the
reference concrete (R30A7) two other concretes (Dmin) and (Dmax) were
prepared with different maximum aggregate-size (d,). Compared to Concrete
R30A7 (d, = 8 mm), Concrete Dmin has smaller aggregates (d, = 3.15 mm), while
Concrete Dmax has larger aggregates (d, = 20 mm).

4.1 Modified mix designs

The modified mix designs are shown in Table 2, where the mix design of the
reference concrete is indicated as well. The modified mixes (Dmin and Dmax)
have the same cement-paste volume (total volume of water and cement) and the
same aggregate volume as the reference mix (R30A7). Gravel with size 0.5-8 mm
is replaced with gravel with size 2-3.15 mm in the mix Dmin and with gravel 0.5-
20 in the mix Dmax. The granulometric curves are given in Figure 6. The
specimens with the mixes Dmin and Dmax were cast, cured and dried exactly in
the same manner as in the case of mix of R30A7. The porosity (Table 2) was
measured by means of a high-pressure mercury-intrusion porosimeter. The values
are similar because the three concretes have the same cement-paste volume and
the same aggregate volume.

100 ~ =
| il

Dmin / R30A7 - Dmax

80 | ;
' / _ . -~
60 | 4

L/

Passing (%)

0 2 4 6 8 10 12 14 16 18 20

Sieve size (mm)

Figure 6 — Granulometric curves of concretes R30A7 (ref..), Dmin and Dmax
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The granulometry of concrete R30A7 was established by means of the rather
empirical Dreux’s method (Dreux, 1985), in order to optimize the compactness of
the granular skeleton. Hence, any change of coarse-aggregate size with respect to
the reference concrete leads to a non-optimal compactness of the granular
skeleton. In more detail, any reduction of the coarse-aggregate size contributes to
the reduction of the compactness of the mix and to the increase of the friction
between the cement paste and the aggregate particles. Conversely, any increase of
coarse-aggregate size implies a larger granular range and leads to a better
compactness. On the other hand, the “entanglement” of the coarse aggregate
contributes to concrete compressive strength (Kaplan, 1959) and to concrete
fracture energy, making crack propagation more difficult (i.e. more energy is
required to force the crack to propagate, see Neville, 2002).

Concrete mix design (kg/m®) and porosity (%) Dmin | Dmax | R30A7
Gravel from 2 to 3.15 mm (d, =3.15 mm) 1006 |-

Gravel from 0.5 to 20 mm (d, =20 mm) - 995

Gravel from 0.5 to 8 mm (d, = 8 mm) - - 1008
Sand <1800 pm 838 |838 838
Cement CEM 1 52.5 N PM ES CP2 (Vicat) 263 263 263
Water 169 [169 169
Porosity accessible to mercury (%) 11.5 |10.7 12.6

Table 2 — Mix design and porosity of concretes Dmin, Dmax and R30A7
characterized by different values of the maximum aggregate size (d,).

4.2 Results of the triaxial tests

The behaviors of the three concretes Dmin, Dmax and R30A7 during the triaxial
tests carried out at no confinement (0 MPa, unconfined compression), at 100 MPa
and 650 MPa are presented and discussed in the following.

4.2.1 Unconfined-compression tests

In Figures 7 and 8, the responses of the three concretes R30A7, Dmin and Dmax
tested in unconfined compression are shown, in terms of mean stress vs.
volumetric strain, and axial stress vs. circumferential and axial strains. The slight
differences of the volumetric behaviors (Figure 7) are related to the small
differences in terms of porosity (Table 2). Under unconfined compression, both
the strength and the Young’s modulus increase with the size of the coarse
aggregate (Figure 8), as observed in the literature (Kaplan, 1959).
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Figure 7 — Unconfined compression: plots of the mean stress o,,, vs. the volumetric
strain g, for concretes R30A7 (solid line), Dmin (dash-dotted line) and Dmax

(dashed line).
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Figure 8 — Unconfined compression: plots of the axial stress oy vs. the strains g
and gy for concretes R30A7 (solid line), Dmin (dash-dotted line) and Dmax

(dashed line).
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4.2.2 Tests carried out at 100 MPa confinement level

In Figures 9 and 10, the results of the triaxial tests carried out on the three
concretes (Dmax, R30A7, Dmin) at 100 MPa confinement are shown.

Figure 9 shows that during the initial hydrostatic loading process, the
volumetric responses of the three concretes are similar because of their similar
porosities. Figure 10 indicates that the conclusions obtained in the case of
unconfined compression are still valid.

At 100 MPa confinement level, concrete deviatoric behavior exhibits a stress
threshold (peak deviatoric stress or extended plateau). This behavior can be
explained by observing that at 100 MPa confinement level the cement matrix is
still rather undamaged after the hydrostatic phase.

At higher confinement levels, when the cement matrix is seriously damaged
after the hydrostatic phase, concrete displays a strain-hardening deviatoric
behavior (as in the case shown in the next section).

4.2.3 Tests carried out at 650 MPa confinement level

Figures 11, 12 (that is an enlargement of figure 11) and 13 show the results of the
triaxial tests carried out on the three concretes (Dmax, R3A7, Dmin) at 650 MPa
confinement level.

Two tests were carried out on concrete Dmin (Dmin-a and Dmin-b), but in the
former test both the LVDT and the gauges were used, while in the latter test only
the LVDT was active. These figures confirm previous findings.

The compaction processes of the three concretes in the hydrostatic phase of
the loading are similar because of the similar porosities of the materials (Figure
11). In the deviatoric phase, the largest volumetric strain is observed in concrete
Dmin.

Furthermore, there is a transition from contraction to dilatancy in concretes
Dmax and R30A7. This transition can be easily identified in Figure 12 (square
symbol for concrete R30A7 and elliptic symbol for concrete Dmax), and
corresponds to the maximum volumetric-strain state, in terms of contraction in the
material. this transition can be defined as the strain limit-state of the material.

The mean stress level corresponding to this transition is slightly higher in
concrete R30A7, whereas no contraction-dilatancy transition was observed in
concrete Dmin, something that may be explained by observing that in this concrete
the maximum mean stress level (about 950 MPa) does not create the conditions for
the contraction-dilatancy transition.

Summing up, the higher the size of coarse aggregate, the lower the mean
stress level corresponding to the concrete strain limit-state.
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Figure 9 — Triaxial compression at 100 MPa confinement level: plots of the mean
stress Gy, vs. the volumetric strain g, for concretes R30A7 (solid line), Dmin (dash-

dotted line) and Dmax (dashed line).
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Figure 10 — Triaxial compression at 100 MPa confinement level: plots of the stress
deviator q vs. the strains g, and gq for concretes R30A7 (solid line), Dmin (dash-

dotted line) and Dmax (dashed line).
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Figure 11 — Triaxial compression at 650 MPa confinement level: plots of the mean
stress o, vs. the volumetric strain g, for concretes R30A7, Dmax and Dmin
(Dmin-a: first test carried out on concrete Dmin).
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Figure 12 — Enlargement of figure 11 - Triaxial compression at 650 MPa
confinement level: plots of the mean stress o, vs. the volumetric strain g, for
concretes R30A7 (solid line), Dmax (dashed line) and Dmin (dash-dotted line)
(Dmin-a: first test carried out on concrete Dmin). Contraction-dilatancy transition:
square symbol for concrete R30A7 and elliptic symbol for concrete Dmax.
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Figure 13 — Triaxial compression at 650 MPa confinement level: plots of the stress

deviator q vs. the strains €, and g5 for concrete samples R30A7 (solid line), Dmin-
a (dash-dotted line), Dmin-b (dashed line) and Dmax (dashed line).

Note: Dmin-a and Dmin-b indicate the two tests carried out on two different
samples of concrete Dmin.

The three concretes have a hardening behavior (Figure 13), as the confining
pressure corresponding to the transition between brittle and hardening behaviors
has been exceeded. (The value of this confining pressure is close to 100MPa for
concrete R30A7, Figurel0).

Below this confining level, the cement matrix is still cohesive and it is mainly
the cement matrix that contributes to concrete response. Above this confinement
level, the cement matrix has lost its cohesion, and concrete response is governed
by the stacking of the aggregate particles (concrete behaves like a granular
material).

The capability of the aggregate particles to rotate under shear loading seems
to be related to aggregate size. Thus, the higher the aggregate size, the lower the
deformation capability of the concrete.

Contrary to what has been observed in unconfined compression, at 650MPa
confinement level, the differences among the plots of the deviatoric stress are
rather limited (the maximum difference is about 160 MPa for values of the
deviatoric strain close to 6%). A more thorough examination of the curves in
Figure 13 shows that at high deviatoric strain levels (above 6%) the axial tangent
stiffness of concrete Dy, is higher than that of concrete D ..
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5. INFLUENCE OF THE CEMENT-PASTE VOLUME

The influence of the cement-paste volume (or of the aggregate volume) with
constant water/cement ratio and gravel/sand ratio is now presented.

5.1 Mix design

Two modified mix designs were adopted (Table 3). The first (Vpi) has a cement-
paste volume reduced by 40 liters (per 1000 liters of concrete) and the second
(Vps) increased by 40 liters. A volume reduction of the cement paste at constant
water/cement ratio requires the amount of water to be reduced; hence, it is
necessary to add a water-reducing additive (Sikafluid) to guarantee a slump of at
least 70 mm (concrete Vpi). Conversely, the concrete Vps is more liquid and
should not be vibrated, in order to avoid aggregate segregation. Casting, curing,
drying and manufacturing of the specimens made of concretes Vpi and Vps were
the same as for concrete R30A7.

The values of the porosity accessible to mercury intrusion are presented in
Table 3, where it is shown that the smaller the cement-paste volume (or the larger
the aggregate volume), the larger the porosity.

Concrete mix design (kg/m®) and porosity (%) | Vpi Vps |[R30A7
Gravel from 0.5 to 8 mm 1064 950 |[1008
Sand < 1800 um 885 791 | 838
Cement CEM 1 52.5 N PM ES CP2 (Vicat) 221 304 |263
Water (water reducing admixture Sikafluid) 138 (5.31) 196 |[169
Porosity accessible to mercury (%) 15.2 11.7 [12.6

Table 3 — Mix design and porosity of the three concretes tested to study the effect
of cement-paste volume.

5.2 Results of the triaxial tests

The behavior of the three concretes Vpi, Vps and R30A7 during the triaxial tests
carried out at no confinement (0 MPa, unconfined compression) and at 100 MPa
and 650 MPa confinement is presented in the following.

5.2.1 Unconfined-compression tests

In unconfined compression (Figures 14 and 15), the volumetric strain decreases
slightly, while the strength and the Young’s modulus increase significantly
following the increase of cement-paste volume. The strength of concrete Vps is
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2.5 times higher than that of concrete Vpi (Figure 14), in agreement with the
information available in the literature (Singh 1958).

5.2.2 Tests carried out at 100 MPa confinement level

Figure 16 shows the volumetric responses of the three concretes. During the initial
hydrostatic phase, the volumetric strain of concrete Vpi is the highest and that of
concrete Vps is the lowest. This result is coherent with the different porosity of the
concretes (Table 3).

Figure 17 presents the deviatoric responses of the three concretes. Compared to
simple compression, a decrease can be observed in terms of difference among the
strengths of the three concretes. Furthermore, concrete Vps has a stress peak,
followed by strain softening. Concrete R30A7 shows a ductile behavior with a
horizontal plateau. Concrete Vpi exhibits a strain-hardening behavior.

5.2.3 Tests carried out at 650 MPa confinement lvel

Figures 18 and 19 show the results of the triaxial tests carried out on the three
concretes (Vps, R3A7, Vpi) at 650 MPa confinement level. At very high
confinement levels, a decrease of the cement-paste volume brings in an increase of
the deformation capacity (Figure 18), because the phenomena observed at low
confinement levels are reversed (the cementitious matrix is no longer cohesive).

At 650MPa confinement level, the differences between the deviatoric stress of
the three concretes are rather limited (the maximum difference is about 200 MPa
for values of the deviatoric strain close to 4%).

A more thorough observation of the curves in Figure 19 indicates that for high
deviatoric strain levels (above 6%), the larger the cement-paste volume, the
smaller the axial tangent stiffness of the concrete. Thus, at high confinement
levels, any reduction of the cement-paste volume increases the deformation
capacity of the material; as a result, the deviatoric stress slightly depends on the
cement-paste volume. At high deviatoric strain levels, the larger the cement-paste
volume, the smaller the axial tangent stiffness.

6. CONCLUSION AND FUTURE WORK

In this experimental investigation about the effects that mix design has on concrete
behavior at very high confinement levels, a reference concrete (mix R30A7) was
modified by varying only very few parameters, in order to identify the factors that
play the leading role,. Thus, the effects of water/cement ratio, coarse-aggregate
size and cement-paste volume were studied separately, keeping all other quantities
constant.

The test results confirm that at high confinement-levels, concrete behaves like
a granular material with hardly any influence of cement-matrix strength and
water/cement ratio.
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Coarse-aggregate size has a significant influence on the strain limit-state of
concrete at high confinement-levels, since the higher the coarse-aggregate size,
the lower the mean stress level corresponding to concrete strain limit-state.
Furthermore, contrary to what has been observed in unconfined compression, at
high confinement-levels the coarse-aggregate size has only a slight influence on
the deviatoric-stress level; and the axial tangent stiffness increases (at high
deviatoric strain levels), if the coarse-aggregate size is reduced.

The results of this study confirm earlier findings about the effects of cement-
paste volume (or of aggregate volume). The cement-paste volume has a great
influence at low confinement levels.

At high confinement levels, however, the cement matrix is no longer cohesive
and concrete triaxial behavior is mostly governed by the stacking of the aggregate
particles (concrete tends to behave as a granular material). Contrary to what has
been observed in unconfined compression, at high confinement levels decreasing
cement-paste volume increases concrete deformation capacity, with little effects
on the deviatoric stresses.

At high confinement levels and at high deviatoric-strain levels, decreasing
cement-paste volume increases concrete axial tangent stiffness.

For mean stress levels below 950 MPa and deviatoric stress levels below 900
MPa, coarse-aggregate size and cement paste volume have a limited influence on
concrete strength. Furthermore, the tests show that at high mean stress levels and
high strain levels, decreasing coarse-aggregate size and cement- paste volume may
increase concrete axial tangent stiffness under extreme loads.

From an application standpoint, the results of this project show that concrete
strength under extreme loads (such as impact or explosion) is governed by neither
cement content nor water/cement ratio, contrary to what occurs under unconfined
compression.

This rather unexpected result shows that the simplified formulae aimed at the
design of concrete structures subjected to accidental or terrorist events must be
considered with caution. Among these formulae, those by Li et al. (2003)
concerning the penetration depth of a missile into a thick concrete slab, and by
Berriaud et al. (1978) and Fullard et al. (1991) concerning the perforation ballistic
limit of a reinforced concrete slab should be recalled, because the strength f. in
unconfined conditions is the only mechanical parameter introduced for the
concrete.

As for the test set-up used in this study, axial stresses as large as 1.6 GPa can
be applied to concrete specimens (diameter 70 mm; length 140 mm).

Some modifications and improvements, however, are in progress on the set-
up in order to accommodate smaller specimens (diameter 50 mm; length 105 mm)
and to induce higher deviatoric stresses.

In this way, the roles played by coarse-aggregate size and cement-paste
volume will be more thoroughly investigated with reference to concrete deviatoric
behavior.
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ABSTRACT

The concrete construction industry has the responsibility before the Society to take
actions in order to reduce its environmental impact. The concrete industry,
however, should not consider this obligation in negative terms, because it will
bring in the opportunity to develop innovative technologies, to make concrete
production more sustainable and to foster the design of higher-value buildings.

To move toward ecological sustainability, however, radical improvements in
the production of goods should be achieved, by reducing drastically the
consumption of raw materials. In the case of modern building materials, the long-
term solution to the challenge of sustainability lies in markedly improving their
durability.

Last but not least, one should remember that our resources are limited, and this
is the case also of the minerals required by cement and concrete production, that
have already been depleted - or even exhausted - in some locations. Yet, in spite of
the growing awareness that resources are becoming scanty, there is a strong
resistance against developing new sources.
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1. INTRODUCTION

The rapid industrialization and population growth in last decades since the 1960s
have resulted in the consumption of enormous amounts of earth’s resources to
produce goods and energy, causing unprecedented environmental changes on a
global scale, according to many scholars.

Fortunately, mankind has recognized the nature of the problem, by accepting
the challenge and developing the concept of “sustainable development”.

Over 2.5 billion tons a year of cement, and enormous amounts of water and
aggregates, are consumed worlwide in the production of concrete. These amounts
will likely increase. Hence, the concrete construction industry has a responsibility
to the society to take immediate action to reduce its environmental impact, by
limiting the emission of carbon dioxide and of other greenhouse gases (GHGs).
The concrete industry, however, should not consider this obligation in negative
terms, as it offers the opportunity to develop innovative technologies. Their aim
should not be to introduce new types of concrete, manufactured with expensive
materials and special methods, but to formulate low-cost and highly durable
concrete mixes containing the largest possible amounts of industrial and urban by-
products, as a partial replacement of portland cement, virgin aggregate and water
(Naik 2002; Mehta 2004). Selection of materials minimizing environmental
impact should be encouraged, by providing means for the life-cycle assessment of
the cradle-to-grave implications of building materials, in terms of carbon-dioxide
emission, required primary energy, air and water pollution, and depletion of the
environmental resources. Life-cycle assessment should be used to check whether
the environmental performance of a structure exceeds defined performance values.

According to this new vision, notwithstanding the energy consumption of
cement production and the related GHG emissions, concrete can take care of these
negative effects and become an environmentally-sustainable material. This
outstanding concrete property is mainly attributable to the possibility of easily
incorporating mineral additions in the mix. Another positive property of concrete
is carbon-dioxide uptake. Although the amount of uptake is low during the service
life, the specific surface is multiplied - and the carbonation rate accelerates
significantly - when a concrete structure is demolished and the concrete is crushed
for future use. Some studies indicate that carbon-dioxide uptake can have a large
effect on life cycle assessment.

The above-described approach will undoubtedly improve the technological
sustainability of concrete as a construction material. To move toward ecological
sustainability, however, it is necessary to achieve radical improvements in the
production of our goods, by reducing drastically the wasteful consumption of raw
materials. With reference to modern construction materials, the long-term solution
to the problem of sustainability lies in markedly improving their durability, by
applying the “making do with less” approach (Mehta, 2004). Otherwise, if the
construction industry — and the Society as a whole - will continue with the
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business-as-usual approach, the no-return point will be reached, with the natural
support systems irreversibly damaged.

Much of the discussion of the sustainability of concrete industry has dealt so far
with issues related to the materials (how to replace portland cement and to recycle
the concrete removed from existing structures). However, any treatment of the
sustainability of concrete industry should consider industry’s concerns, that go
well beyond the “greenness” of any given technology. For example, if the public
opinion or the designers perceive concrete as a non-durable material, or as a
material that is more difficult than others to design with, the sustainability of the
industry is affected. A related view is that public funding is becoming a very
limited resource, that has to meet many demands. As a result, publicly-funded
infrastructures simply must last longer, since their replacement before a reasonable
life span cannot be accepted (Holland 2002).

Last but not least, resources are limited, and this is the case also for the
resources required by cement and concrete production, that have been depleted —
oe even exhausted - in many locations. Yet, in spite of the growing awareness that
resources are scanty, there is a strong resistance against developing new sources.

2. SUSTAINABILITY AND CONSTRUCTION DEVELOPMENT

Among the challenges of the future, “sustainability” is — according to many
scholars - fundamental for all future developments of mankind.

The term sustainability entered into the public arena with the publication of the
report Our Common Future (1987) by the World Commission on Environment
and Development (also known as the Brundtland Commission Report). The
Commission defined sustainable development as the ability to meet our current
needs without compromising the ability of future generations to meet theirs. With
an unprecedented rise in human population from 1.5 to 6 billion, during the short
span of about 100 years, a sharp growth of both the agricultural and industrial
sectors of the economy has occurred. Furthermore, with the rapid urbanization at
the close of the 20" Century, it became clear that the World is running out of
cheap sources of energy, water, and minerals. At the same time, the economic
development model and the technological choices pursued by the industrialized
nations have proved to be highly wasteful in terms of energy and resources (Mehta,
2004).

Sustainability has become an important transnational force, as global warming
is believed to be one of the most serious environmental threat (see for instance the
data available for the growth trend of carbon dioxide, Naik, 2007), which has to do
primarily with the carbon dioxide released from the burning of the fossil fuels used
to meet our hunger for energy, transportation and manufactured products. At the
same time, the models at the base of our economic development and technological
choices pursued by the industrialized nations have proved to be highly wasteful in
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terms of energy and resources. Thus, what common sense should have taught time
ago and direct experience is teaching now is that “in a finite planet, the model of
unlimited growth, unrestricted use of natural resources, and uncontrolled
pollution of the environment is a recipe for self-destruction” (Mehta 2004).

In the context of sustainability and global warming — which are the two most
powerful forces shaping our world today - it is timely to review the current trends
in the construction industry. Worldwide, buildings and other structures are a large
consumer of energy and natural resources. They consume nearly 40% of the
crushed stone together with sand and gravel, 25% of virgin wood, 16% of water,
and 40% of the total energy (Mehta 2004). The most significant environmental
impact of buildings is associated with their use, because of heating, cooling,
lighting, ventilation, and waste disposal. In the industrialized countries, green-
building design is a growing movement, that places environmental considerations
at the forefront of the design process, in order to encourage any approach aimed at
minimizing the use of energy and materials, and at reducing pollution (Mehta
2004).

Concrete is the most widely used building material in the world. To meet the
estimated demand for concrete in the world, people are consuming very large
amounts of cement, sand, gravel, crushed rock and fresh water for concrete
mixing and curing. Furthermore, clinker production requires large amounts of
fossil fuels. Definitely, among the manufacturing industries the concrete industry
is the largest consumer of natural resources. Just to have an idea of this scenario,
consider a bridge, which is — by its very nature — a friendly construction that
connects communities otherwise separated by physical discontinuities, favours
cultural exchanges, and widens knowledge and social horizons. Can a concrete
bridge be considered sustainable, if each kilometre requires 30,000 tons of
limestone rock (equivalent to the volume of concrete resulting from the demolition
of a tall building), 2.5 million liters of water (equal to the water required by a
person for 50 years), and will emit five million kilograms of carbon dioxide in the
atmosphere, increasing the greenhouse effect and reducing the air quality without
any respect for national borders? (Moriconi 2007).

Portland cement, the principal hydraulic cement being used worldwide in
modern concrete structures, is not only a product of an energy-intensive industry
but is also responsible for emitting GHGs, in so favoring global warming. The
emissions of greenhouse gas associated with cement’s production are estimated to
amount to approximately 7% of the total carbon-dioxide emission. Moreover,
modern portland-cement concrete is prone to cracking and not very durable. Thus,
the efficiency of the concrete industry is rather poor in terms of materials
performance.

According to several publications (see — for instance — Mehta, 2004 and Mehta
2009), the concrete industry may become sustainable by sparing concrete-making
materials, by improving concrete durability and by adopting a holistic approach in
both research activities concerning concrete technology and field practice.
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Each step aimed at sustainability requires innovative thinking. Short-term
strategies are necessary to foster a sustainable development, based (a) on the use
of blended cements instead of pure portland cement, and (b) on the reduction of
the clinker factor in blended cements through an increasing use of either industrial
by-products or natural mineral additions. Moreover, the largest possible amount of
waste materials coming from demolitions should be recycled as a partial
replacement of virgin aggregates in concrete and mortar mixes.

The above-described methods will no doubt improve the technological
sustainability of concrete as a construction material. However, to move toward
ecological sustainability, we should radically improve resource conservation and
productivity, by reducing drastically the wasteful consumption of materials. This
means that the long-term solution to the challenge of sustainability of modern
construction materials lies in dramatically improving their durability.

Nearly one-third of the total concrete produced today goes into repair and
replacement of existing structures. However, should engineers start building their
structures with a new type of concrete with a service life of 500 years instead of 50,
then fresh concrete would be required only for new structures. According to this
scenario, by the year 2050 the consumption of concrete should start to decline,
even if the number of new structures would still increase because of the expected
growrh of the population.

3. SUSTAINABILITY AND INNOVATION

As stated earlier, short-term and long-term strategies should not be mistrusted by
concrete-construction industry, because of the ensuing opportunities to develop
innovative technologies. Some innovation opportunities are described in the
following.

3.1 Construction and Demolition Waste (C&DW)

Consider recycling of construction and demolition waste, which are at the
extremities of concrete life-cycle loop (Corinaldesi et al., 2008). Construction and
demolition waste (C&DW) can be suitably processed in recycling plants in order
to produce recycled aggregates for new concrete (see the European Norm EN
12620, issued in 2006). The reuse of construction and demolition waste is essential
from the viewpoint of concrete life-cycle assessment, because in this way
aggregate production will be less demanding and safer, and concrete quality
guaranteed, the environmental impact will decrease and the cost-effectiveness of
the construction will be higher.

The previously-examined impact of cement on the environment can hardly be
reduced. However, if the whole life-cycle of cement-based products is considered,
the emission of carbon dioxide during the production of cement (because of
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calcination of limestone) will be — at least partially — balanced by concrete
carbonation during the building life-cycle. In this way, the environmental impact
of cement is attenuated.

As for the environmental impact of aggregates, taking into account that the
availability of natural aggregates is confined to mined, crushed and graded stone,
it is useful to underline that mining of one ton of natural aggregates requires 20 MJ
from oil and 9 MJ from electricity, while one ton of crushed stone requires 120 MJ
from oil and 50 MJ from electricity, without including the energy for transporting
the aggregates to the building site (Worrell et al., 1994). On the other hand, the
energy required by the production of recycled aggregates from construction and
demolition waste is close to 40 MJ from oil and to 15 MJ from electricity (Nicosia
et al., 2000), that is less than one third of the energy required for crushed stone. In
addition, by using demolished concrete for the aggregates, waste material can be
recovered for useful applications instead of being disposed of in a landfill.

In Table 1 a conventional scenario is compared with a recycling scenario for
ordinary concrete, by replacing fine crushed stone with recycled concrete (same
volume fraction and same granulometry). The only differences in the mix design
are due to the different mass per unit volume of the natural and recycled
aggregates, and to the slightly higher cement content in the “recycled” concrete to
offset the somewhat lower strength of the recycled aggregates. In spite of this,
however, there is evidence concerning the closeness of the mechanical
performance of the two materials.

Table 1 - Conventional vs. recycling scenario for ordinary concrete.

Mix Design Conventional Recycling
W/C 0.55 0.53
Water, kg 185 185
Cement Type CEM II/B-L, kg 335 350
Fine sand (0-4 mm), kg (% by volume) 346 (20) 343 (20)
Coarse sand (0-5 mm), kg (% by volume) 348 (20) 345 (20)
Fine crushed gravel (6-12 mm), kg (% by volume) 526 (30) -
Recycled concrete (6-12 mm), kg (% by volume) - 499 (30)
Crushed gravel (11-22 mm), kg (% by volume) 527 (30) 524 (30)
Superplasticizer, kg (% by weight of cement) 3.35(1.0) 3.50 (1.0)
Air-entraining admixture, kg (% by weight of cement) 0.2 (0.06) 0.2 (0.06)
28-day compressive strength (MPa) 30 30
28-day tensile strength (MPa) 1.9 2.0
28-day secant elastic modulus (GPa) 31.2 31.1
180-day drying shrinkage (um/m) 700 650
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On the basis of these results, and of other well-documented findings, the most
recent technical norms for the constructions issued by the Italian Council of the
Public Works (January 2008) allow the use of recycled aggregates in structural
concrete, ready-mix concrete and concrete for precast members included, as
shown in Table 2.

Table 2 — Italian Technical Norms for Constructions (January 2008).

.. . Concrete Ry (¥) Percentage
Origin of the recycled material (N/mm?) of use
building demolition (rubble) =Cg8/10 up to 100%
g p
< 0,
demolition of only concrete and r.c. <€ 30i37 =30%
<C20/25 up to 60%
reuse of concrete inside qualified o
prefabrication plants — all strength classes SC45/55 up to 15%
same original up to 5%

concrete > C 45/55 strength class

(*) Rex = concrete compressive characteristic strength measured on cubes.

It must be underlined that in Table 2 only coarse aggregates made of recycled
concrete coming from demolition of concrete and reinforced-concrete structures
can be used in new structural concrete (maximum percentage of recycled
aggregates 30%, maximum concrete grade Ry, = 37 MPa). The percentage may be
raised to 60% if concrete grade does not exceed 25 MPa. Recycled material
coming “un-clean” from building demolitions (concrete rubble containing brick
shards and low amounts of glass, as well as asphalt rubble) can be used only for
non structural concrete (concrete grade not exceeding 10 MPa), as in sub-
foundations and roadbeds. (In some codes, however, these “un-clean” concretes
are allowed for structural use by adopting correcting factors related to the amounts
of brick shards and glass rubble).

In any case, according to Italian technical norms for constructions, recycled
aggregates are required to be chemically and physically certified prior to be used
in concrete production; also the concrete should be tested and certified. In general,
concrete containing recycled aggregates exhibits a slightly lower density (however
higher than 2300 kg/m’) and a slightly higher water absorption (up to 7-8%),
whilst all the other chemical and physical properties comply with the standard
limits, including alkali reactivity (which is absent) and freezing resistance. On the
other hand, their high water absorption seems to be responsible for the lower
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drying shrinkage of recycled-aggregate concrete (Corinaldesi and Moriconi, 2010),
thanks to the internal curing, as in lightweight concrete.

Regarding the economic impact and cost effectiveness, traditional costs have
to be compared with eco-balanced costs, which take into account environmental
costs. In this case, the eco-costs are the expenses for eliminating the environmental
impact caused by the extraction of virgin aggregates and also the expenses to
eliminate the environmental load if C&DW are not used in concrete (= cost of
waste disposal in landfills). Table 3 shows a higher eco-balanced cost for the
traditional scenario due to environmental remediation after quarrying, while a
much lower eco-balanced cost is observed for the proposed recycling scenario, due
to the saving of waste-disposal costs.

Table 3 - Traditional and eco-balanced costs (€) per cubic meter of concrete.

Type of concrete Traditional cost Eco-balanced cost
Conventional scenario 64 >89
Recycling scenario 63 38

The results of this study show that recycled-aggregate concrete may have a
satisfactory quality as a structural material through materials selection. In addition,
the use of recycled aggregates can reduce both the environmental impact and the
cost (in particular the eco-balanced cost) of concrete. It has been also suggested
(Dosho, 2007) that — should concrete containing recycled coarse aggregate have a
30-50% replacement ratio — the costs would be reduced by about 40% in the case
of new buildings and carbon-dioxide emissions would decrease by about 25%,
with the same quality and safety levels of conventional concrete.

3.2 Cyeclic behaviour of the joints made of recycled-aggregate concrete

Tests have been carried out on real-scale R/C beam-column joints made with
recycled-aggregate concrete (Figure 1), in order to simulate joint behaviour in
seismic conditions (Corinaldesi and Moriconi, 2006).

The joints have been designed according to Eurocodes 2 and 8. The load-
displacement hysteretic cycles have been recorded for increasing displacements of
the beam end up to 150 mm (Figure 2). Joint collapse occurred because of beam
rupture according to the strong column - weak beam concept, at a maximum
moment equal to 1.5 times the design moment (which is much larger than the
maximum moment suggested by Eurocode = 1.2 times the design moment).
Moreover, the dissipated energy was always very high at each displacement level
and cycle.
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Recycled-aggregate concrete exhibits a behaviour close to that of traditional
concrete under seismic action, but its energy-dissipation capability is greater
thanks to its larger deformability, which makes recycled-aggregate concrete
suitable for structural use in seismic areas with replacement ratios up to 30%.
Hence, new design criteria for recycled-aggregate concrete may be introduced on
the basis of shear and not of the tensile strength.

Figure 1 — Typical test on a scaled beam-column joint made of recycled-aggregate
concrete, under cyclic loading.

eyele 25 mm
evele 50 mm
——— cyele 75 mm

oo cycle 100 mm
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cxele 125 mm

cvele 150 mm

Displacement (mm)

Figure 2 — Typica load-displacement hysteretic cycles.
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3.3 Environmentally-friendly mortars

In the perspective of full C&DW recycling, the fine fraction produced by the
recycling plants (which is detrimental to recycled-aggregate concrete strength)
may be used as fine aggregate in mortars (recycled-aggregate mortars). In the
same way, the brick fraction of C&DW may be ground in order to obtain a brick
powder to be used as a binder in mortars.
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Figure 3 - Bond strength of mortar layers placed bricks.

Comparing recycled-aggregate mortars (RA), mortars with the cement partially
replaced by brick powder (PB), cement mortars (Ref) and mortars containing fly
ash (FA), allows to observe that environmentally-friendly mortars exhibit a lower
compressive strength. However, in terms of mortar-brick bond (Figure 3),
environmentally friendly mortars exhibit a much better bond strength, something
welcome, as the interfaces are generally recognized as the weak chain link in
masonry assemblies (Corinaldesi et al., 2002; Moriconi et al., 2003; Corinaldesi
and Moriconi, 2009). These results are good news, since the interface shear
strength is often more critical than the compressive strength in the collapse
mechanisms typical of masonry buildings subjected to the horizontal loads
induced by seismic action.

3.4 Rubble powder as a mineral addition in self-compacting concrete

Hundred percent recycling becomes viable on condition that the very fine fraction
(0-90 pm) remaining from the recycling plant be used as mineral addition for
reducing bleeding and segregation in concrete.
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Rubble powder has been used to prepare self-compacting concrete, as a filler
replacing limestone powder (Corinaldesi and Moriconi, 2003). Using rubble
powder allowed to pass all self-compactability tests, and the compressive strength
was hardly affected. As a matter of fact, the rubble powder (that is the finest
fraction produced during the C&DW recycling process) proved to be an excellent
filler for self-compacting concrete; this means that even the rejection of a rejection
can be profitably used (Moriconi 2005).

3.5 Affordable Reactive Powder Concrete

As a final example, the use of silica fume can be considered from a different point
of view in relation to sustainability, as silica fume is in itself a waste material,
which increases both the mechanical and physical properties of a concrete, if
added to the mix in proper amounts.

Special mixes with silica fume and very fine aggregates can push concrete
properties to the extreme, like in Reactive Powder Concrete (RPC).

Reactive Powder Concrete (Richard and Cheyrezy, 1994), with compressive
strength higher than 200 and up to 800 MPa, as well as flexural strength higher
than 60 and up to 150 MPa, is a new material for structural use, even though its
application fields are still rather undefined. Reactive Powder Concrete can be
considered as the ultimate step in the development of high-performance concrete,
even though its classification as a concrete is questionable, because its
microstructure and mechanical behaviour are markedly different from those of
ordinary and high-performance concretes. Furthermore, RPC’s production
technology — based on pressure moulding, thermal curing and extrusion — is totally
different from that of ordinary concrete. The exceptional mechanical and physical
properties of RPC makes it suitable for new shapes and structural types
specifically designed for the use of this material.

Reactive Powder Concrete was listed by Roy (1987, 1992) among
the ”Densified materials with Small Particles” belonging to the general class of
Chemically-Bonded Ceramics. Their mechanical performance is exceptional, due
to the extremely closed microstructure resulting from the introduction of very fine
well-graded aggregates and reinforcing constituents (microfibers), used in an
integrated way, particularly when prepared in an intensive mixer able to exert high
shear stresses and formed by compressive moulding. However, due to their
complexity, high cost and apparent failure to comply with sustainability issues
(energy-hungry manufacturing process), RPC’s development is having little or no
impact on the concrete industry as a whole.

Nevertheless, should lower mechanical properties be accepted (i.e. no pressure
moulding and thermal curing, but soft casting), RPC would become more
appealing from the sustainability point of view by using more common and easily
available constituents, like limestone cement instead of pure portland cement,
ordinary grey silica fume instead of white high class silica fume and very fine
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limestone aggregate instead of quartz sand and microsilica (Moriconi and
Corinaldesi, 2009). Mechanical performance (Table 3), which is slightly improved
by thermal curing (that, however, is not fundamental) will be a bit lower, still
much higher than in ordinary concrete, without decreasing RPC’s high durability.

Table 3 — Mix design, processing treatment and related mechanical performance

of laboratory-prepared RPCs.

Constituents [kg/m3] RPC 200-a RPC 200-b
CEM II/A-L 42.5 R Cement 960 960
Silica Fume (18 m?/g) 250 250
Limestone Aggregate (0.15-1 mm) 960 960
Superplasticizer 96 96
Brassed Steel Fibres (L/d = 72) 192 192
Water 240 240
Treatment RPC 200-a RPC 200-b
Curing Temperature, °C 20 160
Mechanical Performance RPC 200-a RPC 200-b
Compressive Strength [MPa] 150 170
Flexural Strength [MPa] 33 34
Tensile Strength [MPa] 14 15
Fracture Energy [J/m’] 44000 45000
Secant Elastic Modulus [GPa] 36 40
Tangent Elastic Modulus [GPa] 63 77
Poisson Modulus 0.19 0.17
Bond Strength with Steel Fibers 3 34

[MPa]

Table 4 - Characteristics and performance of someconstruction materials.

Property / Material RC Glulam Steel RPC 200
Elastic Modulus [GPa] 25 12 210 60
Compressive Strength [MPa] 30 32 360 200
Tensile Strength [MPa] 3 15 360 45
Flexural Strength [MPa] 5 32 360 60
Unit Weight [kN/m’] 25 5 78.5 25
Specific Elasticity [10° m] 1.0 2.4 2.7 2.6
Specific Strength [10° m] 1.2 6.4 4.6 8.7
Elastic Strain [%] 0.15 0.25 0.18 0.33
Ultimate Strain [%] 0.30 0.25 14 2
Ductility [%] 2.0 1.0 77 6.1
Fracture Energy [J/m’] 300-400 - - 20000-40000

186



By comparing RPC’s performance with that of other available construction
materials (Table 4), like reinforced concrete (RC), glued-laminate timber (glulam)
and steel, RPC comes out with the highest values of specific elasticity (elastic
modulus per unit weight), specific strength (strength per unit weight) and fracture
energy. Hence, provided that RPC is reinforced with large amounts of steel
microfibers (more than 4% by volume), its toughness — or ductility - is outstanding
indeed (foughness = ability to keep a sizable strength even at large strains;

ductility = ability to keep integrity even at large strains; often toughness is used for
materials and ductility for structures). .
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Figure 4 - Comparison of equivalent-strength beam sections obtained from
calculations with seven different structural materials (all dimension are in mm).

Figure 5 - Local instability in the thin parts of a structural member (beam): web
(left) and flanges (right).
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Equivalent-strength beam sections obtained from calculations for seven
different structural materials show that RPC elements can be shaped and sized just
like steel (Figure 4). However, local instabilities cannot be ruled out, as in the web
and in the flanges of a steel beam (Figures 5 and 6).

Figure 6 - Twisted [-shaped RPC beam under flexural stress.

RPC’s opens new scenarios for highly-innovative — and even revolutionary -
structures, since the traditional limits of cementitious materials are overrun, and
steel efficiency and strength are challenged.

CONCLUSIONS

Against the indiscriminate use of natural non-renewable resources, today’s
technologies make by-products and secondary raw materials available to increase
the sustainability of concrete structures.

As an example, concrete manufactured by using recycled aggregates is not less
strong and durable than ordinary concrete when used in R/C structures. Using
other by-products like fly ash and silica fume increases markedly concrete strength
and durability.
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In spite of the recent progresses in developing and using by-products and waste
materials in structural concrete, designers and scholars should not give up
challenging structures in the perspective of “sustainable development”, and should
adopt the making do with less approach, as far as possible.
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FLEXURAL FATIGUE OF FLY-ASH
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ABSTRACT

In well-designed concrete mixes, the modification of the microstructure of
concrete by using fly ash (FA) can produce concrete with desirable performance
with regard to durability. However, this modification can also impair the ability of
concrete to resist dynamic loads such as high cyclic loading. The potential
reduction in the ability to resist dynamic loads can be restored by the ductility
imparted by the addition of short steel fibres. This paper reports the results from a
programme of laboratory research, which has been conducted to investigate the
effect of fly ash on the fatigue strength of fibre-reinforced concrete (FRC).

Six different mixes were investigated. Three mixes without fibres, comprising a
control mix without fly ash and two mixes containing fly ash at cement
replacement levels of 25 % and 50 % on mass-to-mass basis. Three counterpart
FRC mixes were produced by the addition of 1% (by volume) steel fibres.

The results show that fly ash has no effect on the absolute values of flexural
fatigue strength. However, the normalised flexural fatigue strength of each fly-ash
mix is slightly better than that of the counterpart Portland cement (CEM1) mix. As
a conservative approach, it can be stated that fatigue strength of mixes containing
fly ash is at least comparable to that of the counterpart CEM1 mixes. However, the
effect of increasing fly-ash replacement level from 25 to 50% is negligible and,
therefore, it is suggested to open a debate on amending the current BS EN 197
standards, which limit the use of fly ash to a replacement level of 35%.

KEYWORDS: Fly ash, fibres, replacement level, flexural fatigue

'PhD, MSc, BSc (Hons), CEng, MICE, FHEA
School of Built Environment & Engineering, University of Bolton, UK

191



1. INTRODUCTION

In a bid to improve the sustainability of concrete and reduce its environmental
impact, researchers and concrete technologists opted to use industrial by-products
to replace part of the Portland cement (CEM1). Fly ash (FA), ground granulated
blast furnace slag (GGBS) and silica fume (SF) are the most popular examples.

The utilisation of these materials in the production of concrete not only reduces
its environmental impact but also enhances certain properties of concrete. Indeed,
FA has become one of the most extensively used ingredient in the production of
high-performance concrete (HPC) with desirable performance characteristics such
as low porosity and permeability, as well as resistance to chemical attacks
(Cabrera and Atis, 1999; Neville and Brooks, 1997; Sear, 2001). However, one of
the main disadvantages of FA composites and HPC could be a reduction in the
fracture energy and their tendency to exhibit increased brittleness (Bharatkumar et
al., 2005; Brincker et al., 1997; Mendis, 2003). This mode of brittleness manifests
itself in the reduction of desirable properties such as fatigue behaviour and
resistance to fatigue crack growth. Taylor and Tait (2000) reported that mortar
mixes containing fly ash were slightly less resistant to fatigue crack growth,
particularly at later ages. The use of fibre reinforcement, however, provides an
energy-absorption capability as well as a load-bearing capacity after cracking,
which leads to enhanced static, impact and fatigue resistance (Badr et al., 2000;
Uygunoglu, 2008; Xu and Shi, 2009; Yazici et al., 2007). Thus it is rational to
expect that the brittleness of concrete composites containing FA could be
moderated by the improved ductility provided by the addition of fibres.

The most common applications for FRC include pavements such as in airports,
highways and bridge decks (Gopalaratnam and Cherian, 2002; Krstulovic-Opara et
al., 1995). In the design of these structures, fatigue strength is an important
performance criterion, as they are required to withstand high cyclic loading.

2. OBJECTIVES AND SCOPE

This research was primarily conducted to investigate the effect of FA on the
flexural fatigue strength of FRC, as adding FA increases concrete brittleness and -
in principle - may diminish its fatigue strength.

In addition, the effectiveness of steel fibres in the presence of FA was also
investigated.

3. EXPERIMENTAL PROGRAMME

The objectives of this investigation were achieved by studying six different mixes.
A control mix was produced with neither FA nor fibres. A counterpart mix was
produced with 1% (by volume) steel-fibre reinforcement but without FA. The
effect of FA was investigated at two replacement levels (25 % and 50 %) on a
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mass-to-mass basis. Four mixes containing FA were produced, two mixes without
fibres and two mixes with 1% steel-fibre reinforcement.

3.1. Materials

Portland cement (CEM1), conforming to BS EN 197-1:2000, was used in this
study as the main binder. Fly ash (FA), conforming to BS EN 4501-1:2005, was
used as a cement replacement material. Table 1 gives the chemical composition of
CEMI1 and FA. The coarse aggregate was natural gravel of 10-mm nominal
maximum size. The fine aggregate was quartzite sand (medium grading in
accordance with zone MP of BS EN 12620:2008). A polymeric superplasticiser
based on naphthalene sulphonates was added to the concrete mix to enhance its
workability. Corrugated steel fibres were used (Figure 1) with nominal length of
50 mm and nominal diameter of 1 mm.

Table 1 - Chemical composition of the cementitious materials

Oxide Content %

Oxide Portland Cement Fly Ash
SiO2 20.39 53.17
Al203 4.58 24.30
Fe203 242 9.96
CaO 63.17 2.98
MgO 2.26 1.49
S0O3 3.51 1.58
Na20 0.21 0.94
K20 0.76 243
Loss on ignition 1.69 2.58

3.2. Mix Proportions

Trial mixes were optimised, experimentally, to accommodate the fibre
reinforcement. The optimised mix proportions were 1/1.9/2.1/0.42 (cement/sand/
coarse aggregate/ water) with a nominal cementitious content of 440 kg/m’. These
ratios were kept constant for all mixes. However, the addition of fibre and/or
cement replacement materials changed the consistence of the fresh concrete as
measured by the slump test according to BS EN 12350-2:2009. A slump of class
S2 (40 to 100 mm) was maintained for all mixes by varying the dosage of the
superplasticiser. The proportions of the various mixes are presented in Table 2.
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The term “CEM-000" was used to identify the control Portland cement mix
without FA or fibre reinforcement. The FA mixes were identified based on the
level of replacement; i.e. FA25-000 and FA50-000. The Three counterpart FRC
mixes were identified by the suffix FRC. For example, FA25-FRC denotes a FRC
mix with 25% of the cement replaced with FA.

Figure 1 - Steel fibres used in this investigation.

Table 2 - Details of mix proportions / m’

CEM1 FA Sand Gravel W/C Fibre SP Slump

Mix kg kg kg kg Ratio % kg mm
CEM-000 440 - 836 924 0.42 0 0.00 40
FA25-000 310 110 836 924 0.42 0 0.00 50
FA50-000 220 220 836 924 0.42 0 0.00 110
CEM-FRC 440 - 836 924 0.42 1 3.52 40
FA25-FRC 310 110 836 924 0.42 1 2.20 70
FAS0-FRC 220 220 836 924 0.42 1 0.00 100
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3.3. Mixing and Production of Specimens

All concrete mixtures were produced using a rotary-drum concrete mixer. The
aggregates and the cementitious material were initially mixed dry for 1 minute,
before adding about half of the mixing water. After two minutes of mixing, the
remaining mixing water and superplasticiser (if any) were added. Mixing was
continued for a further three minutes, before adding the steel fibres, where
applicable. The fibres were sprinkled into the drum by hand. Mixing was
continued for a further three minutes to achieve uniform distribution of fibres.

Concrete specimens were produced for the different tests, including cubes (side
= 100 mm) for compressive strength tests, and prisms (500x100x100 mm) for both
static and fatigue tests in bending. The specimens were cast in 50 mm layers. Each
layer was fully compacted, using a vibrating table. The specimens were covered
with wet hessian and polyethylene sheets overnight. They were then de-moulded
after 24 hours and cured in a curing water basin for 7 days. The water temperature
was monitored continuously and the average was 20+3 °C. After the initial 7-day
wet curing, all specimens were transferred to an environmental chamber
maintained at 20+2 °C and 4045 % relative humidity, until the desired testing age
was reached.

4. TEST PROCEDURES
4.1. Compressive Strength

The compressive strength was determined at the age of 28 days as a means of
quality control. Another set of specimens were tested at the age of 91 days. The
compressive strength of the hardened concrete cubes was determined according to
BS EN 12390-3:2009. The tests were carried out using a digital automatic testing
machine of a 3000 kN capacity, in accordance with BS EN12390-4:2000.

4.2. Static Flexural Strength

The static flexural test for each mix was carried out to establish the maximum
stress level for the fatigue test. The static flexural strength was determined in
accordance with BS EN 12390-5:2009. Five prisms from each mix were tested
using third-points loading on a 300 mm span. The average of these five tests was
taken as the static flexural strength "f;/" of the mix.

4.3. Flexural Fatigue Strength
All fatigue tests were carried out using a closed-lop Electrohydraulic Universal

Testing Machine. The third-points loading configuration used for determining the
static flexural strength was also used in the flexural-fatigue strength tests. The
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fatigue tests were conducted at various stress level "S", which relates the
maximum fatigue stress "f,." to the corresponding static flexural strength "f"
(thus S= foax / f5). The stress level "S" ranged from 0.65 to 0.90. The fatigue tests
were carried out by applying constant-amplitude sinusoidal non-reversal loads at a
constant frequency of 20 cycles per second (20 Hz). Galloway and Raithby (1979)
showed that the frequency of loading had no effect on fatigue performance over
the range 4 to 20 Hz, and suggested the 20 Hz to be adopted as a standard-test
frequency for fatigue testing of cement-bound materials. In all cases, the minimum
load was kept at 0.5 kN to hold the specimen in place and avoid disruption in the
loading system.

The fatigue strength is recorded as the number of cycles to failure of the
specimen at a given stress level.

5.  RESULTS AND DISCUSSION
5.1. Compressive Strength
The compressive strength results at the ages of 28 and 91 days are given in Table

3, where each value represents the average of three specimens with a maximum
variation of 5%.

Table 3 - Compressive and static flexural strength results

Compressive Strength  Static Flexural Strength

Mix MPa MPa
28 days 91 days 91 days

CEM-000 60.5  71.7 (+19%) 5.42
FA25-000 56.2  68.8 (+22%) 5.37
FA50-000 549  67.9 (+24%) 5.26
CEM-FRC 68.7 80.3 (+17%) 6.59
FA25-FRC  64.8  78.7 (+21%) 6.93
FAS0-FRC 633  77.5(+22%) 6.73

The effect of FA on the compressive strength can be seen from Table 3. As it
would be expected, mixes containing FA showed the lowest values compared to
the counterpart CEM1 mixes. The difference was clearer at 28 days with an
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average reduction of 8%. However, the strength of the FA mixes at the age of 91
days was very close to that of the CEM1 mixes (for all mixes, the mean increase
compared to the 28-days strength is close to 20%). FA contributes more to the
strength development at later ages (Lam et al.,, 1998; Oner et al., 2005; Sear,
2001). It was interesting to notice that the damage done due to increasing the FA
replacement level from 25 to 50% was negligible. The average compressive
strength of FA50-000 and FA50-FRC mixes was only 2% less than that of the
FA25-000 and FA25-FRC mixes. This finding needs to be investigated further
because it could have important implications on the concrete industry, as well as
on the current standards. The possibility of increasing the level of cement
replacement without adverse effect on the strength will certainly improve the
reputation of concrete in terms of sustainability and environmental impact. Let
alone the cost saving from the difference in prices between FA and CEMI. In
addition this could open the door for debates on changing the current BS EN 197
standards, which limit the use of FA to a replacement level of 35%.

The effect of steel fibre can be detected by comparing the compressive strength
of the plain mixes without fibres (CEM-000, FA25-000 and FA50-000) to the
fibre-reinforced mixes (CEM-FRC, FA25- FRC and FA50- FRC). It can be seen
that the addition of 1% (by volume) steel fibres resulted in higher strength
regardless of the binder type or the age at testing. The average compressive
strength of the FRC mixes was higher than that of plain mixes without fibres by
15%. The increase in compressive strength as a result of using steel fibres is in
agreement with reported literature. Yazici et al. (2007) reported that usage of steel
fibres in concrete increases the compressive strength by about 4—19%.

5.2. Static Flexural Strength

At the age of at 91 days, the static flexural strength "f,' of each mix was
determined as the ultimate static flexural stress (modulus of rupture). The results
are given in Table 3, where each value represents the average of five specimens.

The effect of steel fibre and FA on the static flexural strength was similar to the
effect on compressive strength. However, the increase in the flexural strength due
to the use of steel fibres was more noticeable. Steel fibres increased the static
flexural strength by about 26 %. The corresponding increase in the compressive
strength was 15 %. Lee and Barr (2004) indicated that the use of fibres is more
effective under flexural loading than in compression. Under flexural loading, the
fibres would be able to bridge cracks and arrest their propagation. Conversely, the
mode of failure under compression loads does not induce a significant contribution
from the fibres.

FA slightly reduced the flexural strength of the FA mixes without fibres (FA25-
000 and FA50-000), compared to the control mix CEM-000. The average flexural
strength for the FA mixes without fibres was only 2% less than that of the CEM-
000 mix. However, FA slightly increased the flexural strength of FA mixes with
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fibres (FA25-FRC and FAS50-FRC). The average flexural strength for FA mixes
with fibres was increased by 4% compared to the CEM-FRC mix. These values,
whether it is the increase or the decrease, are small and could be attributed to
variations within experimental results. However, the results followed a trend and
in most cases the change was exaggerated as a result of raising the replacement
level. For example, the flexural strength of mix FA25-000 was 5.37 MPa
compared to 5.42 MPa for mix CEM-000. Raising the level of replacement to 50%
resulted in a further reduction in the flexural strength so that the flexural strength
of mix FA50-000 was only 5.26 MPa.

While it is easy to understand and explain the slight reduction of flexural
strength of FA mixes without fibres (FA25-000 and FAS50-000), the increase in the
case of fibre-reinforced FA mixes (FA25-FRC and FAS50-FRC) deserves an
explanation. One could suggest that there was a synergy action between steel
fibres and FA so that the fibres were more effective in the presence of FA. This
can be attributed to enhancement in the properties of the transition zone at the
fibre-paste interfaces.

5.3. Flexural Fatigue Strength

The results of the fatigue tests show that there is a non-linear relationship between
the flexural fatigue strength and the number of loading cycles. However,
presenting the flexural stress versus the logarithm of the number of cycles to
failure transforms the relationship into a linear relationship, as can be seen in
Figure 2.
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Figure 2 - Fatigue strength versus logarithm of number of cycles.
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For every individual mix, the relationship is best described by a linear trend
obtained by the least squares best fit. These linear relationships between fatigue
stress and the logarithm of the number of cycles are commonly reported in the
literature (Jun and Stang, 1998; Katoh et al., 2007; Ramakrishnan et al, 1992;
Singh et al., 2005).

It can be seen from Figure 2 that steel fibres enhance the flexural fatigue
behaviour significantly, particularly at high number of cycles. Based on the
relationships in Figure 2, it seems that there is no difference in the behaviour of
the three mixes without fibres (CEM-000, FA25-000 and FA50-000) indicating
that FA has no effect on the flexural fatigue strength of concrete mixes without
fibres. However, it is difficult to detect the effect of FA on the flexural fatigue
strength in the presence of steel fibres, as the effect seems to vary with the number
of cycles.

It is often acknowledged that the static flexural strength could have a crucial
effect on the flexural fatigue behaviour (Jun and Stang, 1998; Singh et al., 2005).
In order to eliminate the effect of the static flexural strength, the results of the
flexural fatigue tests are normalised with respect to the static flexural strength of
each mix. The normalised values are plotted against the logarithm of the number
of cycles, as shown in Figure 3. Presenting the data in this way makes the effect of
FA and steel fibres very clear. For example, Figure 3 reveals a slight increase in
the normalised flexural fatigue for FA mixes compared to the counterpart CEM
mixes.
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Figure 3 - Normalised fatigue strength versus logarithm of number of cycles.
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Figure 3 also made a distinction between the effects of the two replacement
levels. The improvement due to the use of 25% FA was slightly better than the
improvement obtained using 50% FA. Again, it could be argued that the increase
due to the use of FA was small and should be ignored. Nevertheless, the increase
was noticed in all mixes containing FA and, therefore, this observation should be
considered as a trend. However, as a conservative approach, the results obtained in
this study suggest that the fatigue strength of mixes containing FA is at least
comparable to that of the Portland cement mixes.

In addition, Figure 3 showed that the increase due to the use of steel fibre was
more significant in mixes containing FA. Among all mixes, the optimum fatigue
performance was obtained from the FA25-FRC mix. This underlines a positive
synergy action between steel fibres and FA, which manifests itself as an improved
effectiveness of the fibres in the presence of FA.

The linear equations for the trends obtained by the least-square best fit for
every individual mix were used to isolate the effect of each parameter (FA and/or
steel fibres) at 10° and 10° cycles. The results are presented in the bar chart given
in Figure 4.
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Figure 4 - Effect of fibres and fly ash at different number of cycles.

It can be seen that the effect of each parameter on the flexural fatigue strength
was more or less similar to the effect on static flexural strength. In addition, Figure
4 revealed an interesting point. For all mixes, the reduction in flexural strength due
to increasing the number of cycles from 10° to 10° is negligible compared to the
damage that have already been done by the first 10° cycles. An attempt to
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understand this point can be made in the light of the mechanism of fatigue failure
in concrete as suggested by Gopalaratnam and Cherian (2002). They suggested
that in the first stage of fatigue failure, fatigue damage is accumulated in the
concrete matrix resulting in rapid cracking and deflection with increasing the
number of fatigue cycles. The second stage is characterised by little or no growth
in cracks and deflections due to stable and steady damage process. Therefore the
results obtained in this study suggests that the first 10° cycles can be considered as
the end limit of the first stage of the failure mechanism, whereas the second stage
can be correlated to the number of cycles between 10° and 10°. This outcome, if
confirmed, could have important technical and economical implications. For
example, it might be sufficient to perform fatigue tests up to 10° cycles to rank or
compare several concrete mixes. However, further research is needed to confirm
this finding.

6. CONCLUSIONS

For the concrete mixes, materials and testing methods used in this research, the
following conclusions may be drawn:

e Replacing 25% of Portland cement with fly ash results in a reduction in
concrete compressive strength by 8%. However the reduction due to
increasing fly-ash replacement level from 25 to 50% is negligible. This finding
could open the door for debates on amending the current BS EN 197 standards
which limit the use of fly ash to a replacement level of 35%. (However, further
tests on cements rather than on concretes, specifically aimed at FA
replacement of klinker should be planned and carried out).

e Fly ash slightly reduces the flexural strength of mixes without fibres.
However, it slightly increases the flexural strength of the FRC mixes
suggesting a positive interaction between the fibres and fly ash, so that the
fibres are more effective in the presence of fly ash.

e The relationship between flexural-fatigue strength and the logarithm of the
number of cycles showed that fly ash has no effect on the flexural fatigue
strength of concrete mixes without fibres. However, the normalised flexural-
fatigue strength of each fly-ash mix (with or without fibres) enhances slightly
compared to that of the counterpart CEM mix.

e Steel fibres enhance the flexural-fatigue behaviour significantly, particularly
in mixes containing fly ash. The optimum fatigue performance is obtained
from a fibre-reinforced mix with 25% fly ash.

e As a conservative approach, the results obtained in this study suggest that
fatigue strength of fly-ash concrete is at least comparable to that of counterpart
CEMI mixes.

201



e The reduction in flexural strength, due to increasing the number of loading
cycles from 10° to 10° , is negligible compared to the damage produced by the
first 10° cycles. Thus, it might be sufficient to perform fatigue tests up to 10’
cycles to rank several concrete mixes.
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ABSTRACT

The paper deals with the structural behaviour of the CasMez Pavilion, which is a
R/C folded-plate structure built during the 50’s as a symbol of Cagliari Exhibition
Center (Fiera di Cagliari). The many changes occurred during its lifetime have
markedly modified CasMez aspect with respect to the original project of 1953, that
was characterized by features and proportions inspired by lightness and freedom.
During the years, these changes brought to light some flaws of the structure,
making it necessary to assess its safety level on the basis of the Limit-States
Method, according to the recently-introduced Italian Design Code (2008). To this
end, a thorough study of the structural behaviour was carried out. This study gave
the opportunity to compare the original and the modern design methods and
concepts. Within this context, the objective of this paper is two-fold: (1) to
ascertain whether the assumptions used in the original structural analysis were
adequate; and (2) to determine whether the structure can be considered “safe”
according to the current Italian Design Code. The results are somewhat
contradictory: whereas the original design is - on the whole - very conservative, a
certain underestimation of the internal forces in some members is evident as a
result of the use of FE analysis.

KEYWORDS: Existing R/C structures, folded plates, FE analysis
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1. INTRODUCTION

The CasMez pavilion was designed in 1953 by Arch. Adalberto Libera to the order
of Cassa del Mezzogiorno (Agency for the Development of Southern Italy), in
order to be a landmark of the New Trade Fair Center (Fiera Campionaria) of
Cagliari, the capital city of Sardinia in the southern part of the island.

The structural analysis was performed by MS Eng. Giorgio Girardet. There are
no doubts that this structure is an outstanding example of the 20th Century
architectural heritage.

Figure 1 - The CasMez pavilion during the opening ceremony.

The architectural idea was to build an open space for exhibitions appropriate
for the typical warm weather and mild wind of Cagliari. It is interesting to quote
Libera’s original thinking: “Dato il clima tipicamente mediterraneo di Cagliari si
e pensato ad un organismo adeguato a quelle condizioni climatiche, e cioé ad uno
spazio adombrato e ventilato” (“Because of the typical Mediterranean weather of
Cagliari, our objective was to create a structure suitable to these environmental
conditions, i.e. a shady and airy space”).

The building was aligned with the avenue leading to the trade fair center and
welcomed the visitor with its symmetrical shape.

The feeling of lightness and freedom is expressed by the wing shape of the
roof, by the triangular shape of the columns, and - above all - by the absence of
lateral walls. In this way, the visitor can see the whole city even from inside the
pavilion.

Unfortunately, the main feature of the building proved to be its worse limit,
since it could be used only during the summer. For this reason, in 1973 Architects
Ubaldo and Roberto Badas were asked to design a system of walls to close
laterally the building. The destination of the building was modified, and so the
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functional and aesthetical intent of the original designer. (However, closing the
building — already fallen into disuse — prevented its demolition).

Figure 2 - The building after the addition of the cladding walls.

1.1 Geometry of the Structure

The structure consists of two portals (see Figure 3). The portals are characterized
by two T-shaped beam-columns, connected by a central hinge; the resulting
structural model is a three-hinged statically determined arch. (Just before the grand
opening, the two foundation footings of the south-east side underwent a large
settlement — up to 50 cm — followed by the rotation of the whole structure about its
longitudinal axis, see Fassio, 2004, and Loddo, 2001; because of its being
statically determined, the structure did not exhibit any evident damage).

The triangular columns are tapered; each portal has only two parts with constant
height connected asymmetrically with the others.

The 15 m-apart portals are connected by means of 10 longitudinal beams (each
26 m long and placed 2.50-3.40 m apart), and have a cantilever of 5.5 m at both
ends (see Figure 4). The dimensions of the portal are the following: length = 12.90
m, width = 7.75 m, and thickness = 450 mm.

The R/C 100 mm-thick roof slab has a peculiar shape, because it joins the
beams partly along their bottom and partly along their top, following the
compression zones of the beams, that are subjected to bending actions (see
Figure 5). This slab has both an architectural and a structural function. (Note
that this conclusion comes from authors’ analysis, as the designer never mentioned
“structural functions” and probably was not aware of any of them).

As for the dimensions of the beams, in the central part (length = 18 m) the
section is rectangular (1000 x 200 mm). The two cantilever at the ends have a
variable section, with a maximum thickness of 300 mm. The foundations consist
of four 2.2 x 2.2 x 1 m footings, each supported by four bored piles with a
diameter of 400 mm.
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Figure 4 - View of the structural members from the original timber model.

Figure 5 - Beams and slab of the roof.
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Figure 6 - Footings on piles (from the original drawings).

1.2 Materials

The original calculations and drawings hardly give any useful indications
concerning the materials. The only available indication for the concrete is:
“Cemento per strutture in elevazione tipo 680” ( it means “Cement to be used in
the concrete for any structure except foundations, with a cubic compressive
strength = 680 kg/cm’ at 28 days ”; it is apparently a high-quality cement).

Obviously this information is not sufficient to clearly determine the mechanical
properties of the concrete. For this reason, it was necessary to take into
consideration several non destructive tests carried out on some beams (Vacca,
2004), by using the ultralsonic technique and the Schmidt-Hammer method. The
compressive strength of the concrete was evaluated by means of well-established
correlations, taking into account the scattering due to carbonation, surface
inhomogeneity and human errors:

R, =R, =25[MPd] 0

Since concrete was cast decades ago, significant in-time variations of the
compressive strength (because of the effects of shrinkage and creep) are not
expected. (Hence, these phenomena can be neglected). As concrete strength has
been evaluated from in-situ tests, the characteristic value is assumed to coincide
with the mean value.
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Fig. 7 - Lateral view of the structure (from the original drawings).

From the original calculations, the allowable stress for steel was determined as:

O, wm =1400 Kg/cm® =140 MPa o)

According to the technical documents of the 40s-50s (Santarella,1940), the
above-mentioned value corresponds to “mild steel”, with a nominal yield stress
equal to:

f, =230 MPa )

According to the design provisions of the time (Santarella, 1947), the
calculation procedure used by the structural designer was based on the traditional
method of the working (or allowable) stresses, through the tables of the
coefficients “r, s, > . The allowable stress of the concrete (containing high-
strength aluminous cement, see the decree of the Italian Ministry for Public
Works, dated November 16, 1939) is:

O, wam =50 Kg/cm® =5MPa )

The ratio between the elastic moduli m = E¢/E, was assumed equal to 10.

2. ORIGINAL DESIGN AND CALCULATIONS
2.1 Loads and load combinations

The original documents concerning the design of the structure were found in the
library of the School of Architecture of the Cagliari University. Consequently, the
calculations and the diagrams of the internal forces were available.

Two load types were considered:

e the dead load;
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e service load of 120 kg/m? (1.2 kN/m?) on the horizontal part of the roof,
and of 100 kg/m” (1.0 kN/m?) in the inclined part of the roof.
There are no references to standard prescriptions.
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Figure 8 - Original front page of the calculation report.

2.2 Structural analysis

The internal forces were determined by considering the structural members as if
they were isolated. The slab was calculated as a 1 m-wide strip simply supported
by two beams. The structural continuity was not taken into account; the slab,
however, was divided into four parts, with different spans for each semi-portals.
The maximum sagging and hogging moments were given the values +qL;/10 and
+qL;*/12 respectively, depending (surprisingly!) on the slope of the roof. This
simplistic method, that inevitably leads to an overestimation of the internal forces,
is very conservative. The beams too were considered as statically-determined
(continuous beams over two supports, the portals, with two symmetrical
cantilevers), and their internal forces were calculated by using simple equilibrium
equations. The most significant cross-sections were designed by the tabular
method. With reference to the allowable-stress method, the r coefficient is
calculated from the bending moment (Santarella, 1940 and 1947):

h

I

M

b (5)

where: h = effective depth of the cross-section (from now on indicated with “d”)
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b = width of the cross-section
M = bending moment.

From the value of the r coefficient, and by imposing the allowable stress in the
steel and the value of the ratio of the elastic moduli m, it is possible to determine
the value of the maximum compressive stress in the concrete, as well as a second
coefficient t, that can be used to calculate the amount of reinforcing steel A from
the following relation:

A:t'\/M'b (6)

As for the portals, the attention of the designer was focused only on bending.
To calculate the bending moment, each portal was subdivided into five parts,
starting from the central hinge (Figure 9), and the bending moment at each node
was determined.

The axial force in the members of the portal was calculated in a different way.
For each semi-portal (see Figure 10), the resulting compressive force applied to
the center of mass was first calculated, and then it was verified that the moment of
these forces around the hinge located at the bottom of the column (Node A, Figure
9) has positive sign counterclockwise for the semi-portal sketched in Figure 9). By
following this procedure, it is possible to make sure that the central hinge is
always compressed.

To this purpose, three load combinations were considered:

(1) full load on the whole semi-portal;
(2) live load only on the central span, between the hinge and the column;
(3) live load only on the cantilever.

The three combinations taken into account are instrumental (a) the first for
maximizing the reaction at the bottom of the column; (b) the second for
maximizing the compressive axial force at the central hinge; and (c) the third to
ensure that there is no tension at the central hinge (Figure 11).

Field Field Field | Field

1 2 3 445
|
® Node 1 ® Node 2 @ Node 3 & Node 4 @ Node5
® Node A

Figure 9 - Scheme of the different portions of the portal.
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Semi-Portal Semi-Portal

Beam 5

Beam 4

Beam 3

Beam 2

Figure 10 - Roof plan: numbered starting from the central hinge.

2.3 Report on the Calculations

From the examination of the original calculations, characterized by the simplified
models typical of that time, some inaccuracies are evident. The hypothesis that the
available calculation report is only a draft could explain, but not justify the
inconsistencies. For instance, the calculation neglects the dead load of some parts
of the structure.

Going into more details, there are apparently errors in the calculation of the
dead load of some parts of the portal, because of inaccuracies in the geometry
adopted in the calculations: the width of the beams is 300 mm, whereas the actual
value is 400 mm . (This last value, however, was correctly introduced into the first
part of the report). There is a mistake also in the computed length of the beams
supported by the columns: the actual value is 2.65 m, and not 2.10 m, as in the
calculations.

M A=A’ R, R,
Field 1 455 3.9 750 570
Field 2 445 3.82 860 685
Field 3 445 3.82 860 685

Field 4+5 280 2.42 610 495

M= maximum bending moment [kgm];

A’= compression reinforcement [cm®/m];

A= tension reinforcement [cm?*/m];

Ry= reaction at the extremities under the full load [kg/ml];
R,= reaction at the extremities under the self-weight [kg/m].

Table 1 - Results concerning the slab (from the original calculations).
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It is fair to say that these mistakes did not affect markedly the results: the
differences are not significant, with respect to the total load acting on the structure.
Regardless of these small mistakes, the most stressed members are Beams n°3,
Node 4 of the portal, and the hinge at the bottom of the column. These results were
in some way expected, because they are consistent with the calculation model,
even if the structural role of the slab was not taken into account. Probably, the
main differences are to be expected for the beams. (This issue will be discussed
later, taking advantage of finite-element analysis).

In Table 1 and subsequent tables a synthesis of the results coming from the
original calculations is presented. (Same units as in the original documents).

M Y, Y, A A’
Beam 1 | 22400 17120 12300
Beam2 | 35300 27300 20050 23.8 275
Beam 3 | 36700 28600 21400 24.8 28.5
Beam 4 | 31000 25000 19000 22 24.8
Beam 5 15400 10800

M = maximum bending moment [kgm];

A’= compression reinforcement [cm®];

A = tension reinforcement [cm?];

Y = reaction at the extremities under the full load [kg];
Y= reaction at the extremities under the self-weight [kg].

Table 2 - Results for beams from the original calculations.

H
Loading condition 1 6050
Loading condition 2 13300
Loading condition 3 -560

H= horizontal reaction in kg.

Loading condition 1 = load on arch and cantilever
Loading condition 2 = loaded arch, unloaded cantilever.

Loading condition 3 = unloaded arch, loaded cantilever.

Table 3 - Forces at the central hinge (from original calculations).
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Loading Condition 1

Loading Condition 2

Loading Condition 3

Fig. 11 - Load combinations.

217




3. STRUCTURAL ANALYSIS WITH FINITE ELEMENTS
3.1 Structural models

Even if the structure is rather simple, and it would be possible to analyze it by
means of simplified methods, a FE model of the whole building was developed.

This was done by using MIDAS/Civil, a software from the MIDAS package.
The first choice was about the type of finite element. The particular shape of the
building, especially the slab, suggests to use solid elements. Actually it would not
be possible to correctly enforce the constraint between the plate and beam
elements because the slab is alternatively inserted in the upper or in the lower part
of the beams (Figure 5). The Authors’ choice allows the model to be more
realistic, but on the other hand implies a computational effort to transform the
nodal forces into generalized internal forces in the most significant sections.

The value of the bending moment, for example, was calculated by means of the
following procedure: the single nodal forces were multiplied by the distance
between their application point, and the centroid of the cross-section in question.
The total value was obtained by summing up the contributions of all nodal forces.
As for axial and shear forces, the same procedure was adopted, but in a simpler
way: each nodal force, in the normal and in the transverse direction, was added.

Two models were set up: one including the structural role of the slab (Figure
13), i.e. the slab stiffness contributes to the stiffness of the beams, and the second
with the continuous slab simply supported by the beams (Figure 14).

In this way it is possible to compare and to evaluate the degree of
approximation of the original calculations.
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Figure 12 - Calculation of the bending moment from the nodal forces in the 3D FE
analysis.

The second model (Figure 14) was built in more steps: at first the reactions on
the continuous simply-supported slab were calculated. Then, these actions were
directly applied to a FE model of the beams and columns without the slab.
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Figure 13 - F.E. model including the structural role of the slab.

Figure 14 - F.E. model neglecting the structural role of the slab.

The structure was fully restrained at the base of the footings. Soil-structure
interaction was not considered, as justified by the structure being statically
determined. There is no interruption, even between the bottom of each column,
and its footing: the hinge behavior is enforced through the small size of the contact
surface.

Figure 15 - Connection between column and footing.
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With a little extension of the section at the bottom of the columns, the rotations
are compatible with those of an hinge (see the demonstration in the following,
Fig.15).

The structural analysis was based on linear elasticity, because the main
objective was to study the structural behaviour at the serviceability limit state. The
non-linear properties of the materials were considered only at the ultimate limit
state.

3.2 Loads

The loads acting on the structure were defined according to the Italian Code
(2008), with particular attention to the wind, as required by the rather peculiar
shape of the slab (Figures 16 and 17). As for the snow load, the possibility of a
non uniform distribution was taken into account (Figure 18).

£
¥

Figure 16 - Values of the shape coefficient Cp for the wind in the transverse
direction.
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Figure 17 - Values of the shape coefficient Cp for the wind in the longitudinal
direction.

220



Case 1

Case 2

- .

Hi
0.5 (AL

Figure 18 - Scheme of the snow distribution on the roof.

Thirty-eight load conditions were examined at the ultimate limit state, and
seven load conditions for the serviceability state limit. In this way it was possible
to consider the worst loading condition for each structural element.

3.3 Safety assessment

The safety checks based on the original report were developed according to the
allowable stress method. They were compared with calculations based on the limit
state method for the first FE model (i.e. including the cooperation between slab
and beams). For each calculation, three different conditions, indicated with A,B,C,
are presented in the following:
A- Calculation based on the original report;
B- Calculation based on the first FE model (i.e. cooperation of the slab
included)
C- Calculation based on the second FE model (i.e. neglecting the cooperation
of the slab)

In the calculations at the ultimate limit state for Cases A and B, only bending
was considered; on the contrary, in Case C both the bending moment and the
normal force were introduced. Some tables containing the most significant results
included in Appendix L.

3.4 Comparison of the results
3.4.1 Slab

The results concerning the slab, for the Cases A,B and C, are similar and
comparable, as should be expected, because the slab is continuous, and the
continuity was taken into account in the three models. Obviously, Model A is the
most conservative for the above-mentioned reasons. Furthermore, all checks were
satisfied in both the serviceability and the ultimate limit states.
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Sab Bending Moments

Feld 1 Feld 2 Feld 3 Feld 4+5

EMmax mMEB mMEC

Figure 19 - Values of the bending moment M at midspan in the different slab
fields. M= maximum M according to Model A; Mggg, Mggc = design values of
the applied bending moment according to Models B and C.

[kN] Slab Shear

mVmax mVEB mVEC

Figure 20 - Values of the shearing force V in the most significant sections of the
slab. V= maximum V according to Model A; Vggs, Veic = design values of the
applied shearing forces according to Models B and C.

The most peculiar situation is that of Field n°2: in comparison to Model A, the
bending action of Model C is reduced by 50%. Moreover, shear exhibits an
opposite sign compared to Models A and B (Figures 19 and 20). Such an
occurrence may be due to the structural role of the slab, that transfers the stresses
from the beam to the portal, as stressed in the next section.
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3.4.2 Beams

The beams are the most interesting elements: from bending moment calculation
(Figure 21), the differences between Models A, B and C are evident. It should be
pointed out that in Model A loads were calculated in deterministic way following
the code of the time, without combinations coefficients y. In Models B and C
loads were calculated following current Italian code.

Taking into account that in Model C there the slab is also subjected to
compressive forces, the authors produce a comparison between the amount of
reinforcing steel calculated according to the current standard, and the reinforcing
steel determined on the basis of the original design. This comparison is rather
interesting, and it is shown in Figure 22: the amount of reinforcing steel at the
midspan of each beam is represented.

[ ] Beams Bending Moments
kNm
600

400

200

Beam 1 Beam 2 Beam 3 Beam 4 Beam 5

B MmaxA mMEB mMEC

Figure 21 - Negative bending moments in the beams.

The values obtained by means of the three models are very different, but
considering the total amount of the reinforcement (i.e. the sum of the
reinforcement areas of the beams in one half-portal) Models B and C are
equivalent. The reinforcement calculated originally is larger (at any given section)
than those calculated by means of the other two models. Going into more details,
the total reinforcement is about twice as much as that evaluated with Models B
and C. This means that these elements were designed in a very conservative way.
Furthermore, Models B and C are based on a sort of “super beam-slab element”.
Model C, that takes into account the structural role of the slab, is a better
approximation of the real situation; hence, the results yielded by Model C are
more accurate, especially in terms of required reinforcement.
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Figure 23 shows that Models B and C yield very different shear values. As an
example, in Beam 2 (Field 2 of the slab) the values have opposite sign.

Considering the limits of the original calculations, focusing on Models B and C
(that are - on the whole - more homogeneous) seems reasonable.

Note that the shearing force in Beam n°4 according to Model C is more than
twice as large as that obtained with Model B. Furthermore, Beams n° 2 and 4
(Fig.25) are placed near the folds of the slab, outside the fold and inside the fold,
respectively.

The structural role of the slab influences both the longitudinal beams and the
portal: therefore, because of the diffusion of the nodal forces from the central
hinge, the slab is compressed.

Because of the structural continuity between the slab and the beams near the
corners, the internal actions are summed up and yield a downward force on Beam
n°4. This increase of the load brings in an increase of the shearing force as well.

Beams Reinforcements
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Figure 22 - Summary of the reinforcement of the beams.

An opposite situation develops in Beam n°2, where the absolute value of the
internal actions is larger than the applied loads, and therefore an inversion of the
sign of the shearing force is observed (Figures 23 and 26). As for Beams n° 3 and
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5, according to Model B, the internal forces are larger than those obtained with
Model C (Figure 21 for the positive moment; Figure 23 for the shearing forces at

the extremities.

Beams Shear
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Figure 23 - Shearing forces in the beams.
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Figure 24 - Sketch of the interaction between the slab and the beams.

This effect can be understood considering that the pavilion roof is a folded
structure. From a rough estimation, the inertia of the slab turns out to be
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approximately 120% larger than that of the beams (Fig.27). Therefore, the
composite action of the slab and of the beams is remarkable indeed!

Figure 25 - Diffusion of the forces from the central hinge to the slab. Lateral and
plan view.

N
Figure 26 - Transversal view of the slab and of the beam at the corner, showing the
internal axial force.

Along any given transverse section of the roof, the equations of equilibrium are
never satisfied, if reference is made to the beams or to the slab, disregarding their
mutual interaction. On the contrary, the equations are satisfied, if reference is
made to the whole cross section.

Finally, a few words should be devoted to Beam n°1: from the values shown in
Figure 23, it is clear that the shear values are larger according to Model C. As for
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the flexural behavior of the slab (see Figure 28), in the sections far from the folded

part there are local displacements in the slab that indicate that the slab is supported
by the end beams.

=170m

7 % Jr=1,44m

a
é
é

Figure 27 - Moments of the inertia of the beams and of the slab.

Nodal Displacement
Magnitude
m

0.01070788

|t 0.00s5687
0006424725
000428315

B 0.002141575
o

Figure 28 - Displacement contour lines of the slab.

3.4.3 Portal

The calculation shows that - both at the ultimate limit state and in the
serviceability limit state - the checks for the slab and the beams are satisfied (as it
is the case with the allowable stress method), even taking into account the wind.
On the contrary, for the portal the checks are not satisfied (both at the ULS and
in the SLS), if the wind is considered. As shown in Table 4, only for three out of
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twelve cases the checks are positive (see Fig. 9 for the exact position of the nodes).
This happens only for the less stressed nodes (2 and 4) in the case of the allowable
stress method, and for node 4 at the ultimate limit state in Model B. According to
Model C, the checks at the different limit states are never satisfied.

Checks Node 2 | Node 3 Node A Node 4
Bending A YES NO NO YES
Bending + Axial B | NO NO NO YES
Bending + Axial C | VO NO NO NO

Table 4 - Synthesis of the checks.

It is important to underline that these problems are not caused by the wind. The
same problem arises even in ordinary load conditions. In two of the 4 sections, the
checks at the limit states are never satisfied. This fact is confirmed by a simple on-
site investigation of the structure. There are eight ties placed on the upper side of
the beam of the portal (Figure 29): their aim is probably to limit cracking.
Unfortunately, no documents about the design of these elements could be found.

Figure 29 - Ties in the upper part of the beams.
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3.4.4 Hinge

The checks of the hinges at the bottom of the columns were developed according
to Leonhardt et al. (1980); the minimum reinforcement area required - and the
minimum rotation capacity - are satisfied. The minimum dimensions, on the
contrary, cannot be fulfilled, because of the particular shape of the columns;
however, the hinge behavior is guaranteed. Actually, the formulas by Leonhardt et
al. (1980) refer to columns of constant cross-section; if the reduction of the cross
section towards the hinge is considered, the checks are satisfied (see Appendix II
for more details).

Figure 30 - Drawing of the hinge (from the original documents).

4. CONCLUSIONS

The use of the FE method allows to analyse the structural behaviour of the rather
complex folded cover in question with good accuracy under the service loads, in
order to check the correctness of the original project. (Sixty years ago, structural
designers had to rely only on tables and slide rules!).

The numerical results allow to conclude that the original reference model was
not totally accurate in describing the real structural behavior; however, it was
sufficient for most of the structural members, thanks to a very conservative
approach. This is true, but for the portal: probably in this case there were some
errors in working out a behavioral model and in the calculations.

In the original design, the three-hinged arch behavior was not fully taken into
account, and reference was made only to the bending resistance, excluding the
normal forces. Actually, the presence of a combined state of bending and axial
force revealed by FE analysis justifies the presence of many zones subjected to
tensile stresses, contrary to what normally happens in three-hinged arches. This
anomaly can be caused by two factors:
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e the cantilever produces negative bending;

e the very low slope (almost horizontal) of the upper part of the portal, and
the position of the central hinge, that is just a little higher than the top of
the columns.

This result is demonstrated by the ties placed at the extrados of the portals, in
order to limit cracking.

The important structural role of the slab becomes evident from FE analysis.
From the comparison of the results obtained by Models B and C, i.e. with and
without the composite action of the slab and of the portal beams, it was found
that the structural behavior is quite different, and some internal actions even
exhibit opposite signs (e.g. shear of Beam no. 2).

Otherwise, considering the structure on the whole, there were no strong
differences in terms of required reinforcement. A more accurate knowledge of the
structural behavior (by taking into account the structural role of the slab as in
Model B) would allow a more accurate design of the structural members, avoiding
marked differences among the various sections.

Consider, for example, the reinforcement of Beam no.1: with Model B an area
of reinforcement of 8.9 cm’ is sufficient, whereas according to Model C 39.5 cm?
are required.

The other objective of this paper is to verify if the structure can be considered
safe according to the current Italian standard. Apart from the afore-mentioned
calculation errors, it can be said that the original reference code was sufficient to
guarantee an adequate safety level.

Actually, the FE model set-up for this analysis and new performance-based
standards make it possible to have a more accurate load definition, a better
knowledge of the structural behavior and, consequently, a refined judgment in
evaluating the actual safety levels.

The last consideration regards the importance of the link between shape and
structure. Despite the denial of its importance by some scholars, it is indeed true!
The structural analysis carried out with the aim of a better modeling, shows how
the shape concepts introduced by Architect Libera directly correspond to an
appropriate structural behavior.

These concepts are, for instance, the change in position of the slab with the sign
of the bending moment, the folded plate behavior of the cover, and the shape of
the portals similar to a three-hinged arch. In cases similar to that investigated here,
namely buildings with a strong architectural value, the structural engineer should
try to rationalize the architect’s point of view by means of a synergic action.

Structural conception must be in agreement with the level and the
characteristics of the building. If the building is complex, too simplistic
approaches (looking “smart”) should be avoided. Perhaps simple approaches could
be used in the design of ordinary buildings, but in the case of rather complex
structures like the CasMez pavilion the risk of errors is too high .
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APPENDIX I- Synthesis of the results

Field 1 Field 2 Field 3 Field 4+5
Mpaxa KNm | 5.46 4.45 4.45 2.80
Mggs kKNm 4.50 4.00 4.00 2.30
Mggc kKNm 4.80 2.40 4.00 2.67

Table 5 - Maximum internal moments in the slab.

Neac kN 114.00 65.00 43.00 11.00
Veda kKN 9.00 10.30 10.30 7.30
Veas kN 18.00 22.80 11.20 17.45
VEac kN 18.8 -60.10 48.4 6.50
Table 6 - Maximum internal forces in the slab.
Field1 |Field2 | Field3 | Field4+5
Bending A (*) NO YES VES YES
Bending B YES YES YES YES
Bending + Axial.C YES YES YES YES
Shear A YES YES YES YES
Shear B YES YES YES YES
Shear C YES YES YES YES

Table 7 - Safety checks in the slab.
(*) The designer did not perform these checks.
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Beam 1 Beam 2 Beam 3 Beam 4 Beam 5

Mimaxa kKNm | 791.00 350.00 318.00 310.00 191.00

Mggs kKNm 162.00 492.70 524.00 187.00 366.00
Mg4c kNm 172.00 108.00 141.50 33.30 91.00

Neac kN -455.00 | -119.00 -387.00 -418.00 132.00

VEda kKN 99.00 158.00 286.00 255.00 154.00

Veas kKN 44.00 283.00 360.00 98.20 205.00
Veac kKN 98.00 -143.00 162.00 275.00 58.80

Table 8 - Maximum internal forces in the beams.

Beam I | Beam 2 | Beam 3 | Beam 4 | Beam 5
Bending A YES YES YES YES YES
Bending B YES YES YES YES YES
Bending + Axial.C YES YES YES YES YES
Shear A YES YES YES YES YES
Shear B YES YES YES YES YES
Shear C YES YES YES YES YES

Table 9 - Safety checks in the beams.
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Beam 1l | Beam2 | Beam 3 | Beam 4 | Beam 5 Tot.
sA o 24.8 27.5 28.5 24.8 24.8
245.0
SI.A o’ 22.0 23.8 24.8 22.0 22.0
5B onp’ 8.9 28.3 30.0 11.0 21.3
113.4
5 | 0.0 6.1 7.8 0.0 0.0
5.C o’ 20.7 8.8 17.3 12.3 1.7
115.1
sl.Ccmz 18.8 7.6 15.5 10.9 1.5
Table 10 - Reinforcement amount of the beams.
Node 2 | Node 3 Node A Node 4 Bgttom
pilar.
Mpaxa KNm | -600.0 | -2155.0 -880.00 -288.0 -2901.
NmaxA kN - - - - -
Mg kNm | -314.5 | -2719.4 -1272.80 -990.1 4693.3
N ras KN -14.8 6.9 -422.00 +23.5 3168.0
M goc KNm | -552.0 | -2454.1 -930.00 -464.60 4517.0
N gac kN -786 -1354.2 -502.00 -31.3 2864.0

Table 11 - Maximum internal forces in the portal.
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Node 2 | Node 3 | Node A | Node4 B?ttom
pilar
Bending A YES NO NO YES YES
Bending + Axial.B NO NO NO YES YES
Bending + Axial.C NO NO NO NO YES
Table 12 - Safety checks of portal.
APPENDIX II- Checks of the hinge at the bottom of the columns
Geometric data:
a=24cm Np, =993kN
b=40cm By =25N /mm’
d =38cm a,=0.16
t=43cm a, =2.05
b, =2lcm F, =960cm’
p=52° N, =2578kN
Minimum area:
Fyn =652cm®  F, . =2359cm’ Fon <Fu <Fi...
Checks on the dimensions:
a<0.3-d a=24cm <0.3-d =11.4cm

b >0.7-a=5cm b =21em>0.7-a=16.8cm > 5cm

t=43cm<02-a=4.8cm>2cm

tangff =1.28 > 0.1

t<0.2-a<2cm

tang/5 <0.1
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Vista laterale Vista longitudinale

Figure 31 - Hinge : definition of the geometry
(from Leonhardt et al., 1980).

"‘_"“ AU N T
~r ‘;
1 t N
pi—*

Figure 32 - Hinge : close-up of the critical zone
(from Leonhardt et al., 1980).

Checks on the rotation angle: the allowed rotation angle corresponding to a

compressive force N:

Oamm =2 0.8 N /(Fg B,)*) <15°/,,

Considering that the maximum value in the present case is Ny,x= 2578 kN, the

design value of the rotation is:

0y =2.05%0 < Ogymm = 13.85 5,
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ABSTRACT

Architecturally-valuable thin-walled prestressed girders have been designed and
built in Italy for many years since the sixties of the past century. These P/C
members are usually found in the large-span covers of office buildings and
industrial plants, where main beams running from column to column support
secondary beams placed side-by-side with — or without — interposed concrete or
polycarbonate panels.

For both main and secondary beams, different sections have been adopted,
from simple double-tee or tee sections to V or inverted-V sections, channel
sections and the like. Because of the limited thickness of the webs (something like
an obsession in the early phase of P/C mass production) fire resistance is a critical
issue, even more since these members frequently exhibit severe symptoms of
distress after several decades since their design and construction. (Longitudinal
cracking induced by transverse bending and worsened by corrosion often occurs).

In this paper, a main P/C girder with an inverted-V section provided with thin
and inclined webs is checked both at the Ultimate Limit State and in fire, with
reference to bending and shear. As for shear, both the traditional truss model with
variable strut inclination and a dedicated truss model are used, in B-Zones and D-
Zones respectively. Reference is made to the provisions of Eurocode 2.

Albeit rather peculiar for its unusual cross-section, the beam in question offers
the opportunity to focus the attention on some general aspects concerning the
safety verifications on thin-walled concrete members in fire conditions, and on
some peculiarities of past design practice.

This paper is an expanded version of a similar paper published in FIB Bulletin
No.57 -2010.

! Assistant Professor, > Associate Professor, > Professor,
DIS - Department of Structural Engineering, Politecnico di Milano, Milan, Italy

* Professor, DICATA - Dept. of Civil and Environmental Engineering, University of
Brescia, Brescia, Italy
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1. INTRODUCTION

The astonishing development of the Italian prefabrication industry in the sixties
and seventies of the past century, and the growing interest in the same period for
prestressing, favoured the design and construction of many challenging prestressed
concrete members. This growth was fostered by the economic boom of the late
fifties and sixties, and by the ensuing diffusion of industrial buildings,
characterized by large spans and requiring the use of large-span structural
members (Barazzetta, 2004).

Beside double-tee girders (I-girders) and tapered beams (deeper at mid-span),
that were not very demanding from a structural view point (Taerwe et al., 2006),
new types of pioneering P/C members were developed for the roofs of office and
light-industry buildings, which were characterized by thin-walled open and
complex sections, small-diameter distributed reinforcement and — in general — high
static efficiency (see Figure 1, where the main beams have an inverted-V section
and the secondary beams a V-section). These prismatic beams (called wing
sections in the Italian technical parlance) were a turning point in the conceptual
design of roof members. The compression chord and the tension stringer were not
aligned on the vertical axis of the cross-section and were not connected by a single
web, but by two thin inclined wings.

In the secondary beams, this design philosophy brought in larger widths and
simpler connecting members (concrete, glass or plastic panels) placed between the
contiguous beams. Different sections (V, U and channel sections) started to be
systematically developed in the 80s, when new (and more refined) calculation
methods became available to most designers, and full-scale testing allowed to shed
some light on such complex phenomena as transverse bending and its interaction
with longitudinal bending.

As a matter of fact, the small thickness of the inclined webs enhances the
transverse deformability of the section, and makes the ensuing shape loss a very
dangerous occurrence, because of the reduction of the internal lever arm, to the
detriment of the bending stiffness.

The (often) smooth, small-diameter and distributed bars used for the transverse
reinforcement make these beams rather shear-sensitive (especially in the end zones,
where prestressing is hardly effective) with reference to both the Ultimate Limit
State in shear and the fire.

In this paper a rather stiff pre-tensioned simply-supported beam with an
inverted-V section (Figure 2) and length 12 m (= 40 ft) is considered.

To check whether this beam has a sufficient fire resistance, its load-bearing
capacity should be assessed not only in bending and shear far from the supports
(where the stresses are regularly distributed), but also in the end zones, where the
stress field markedly depends on the position of the supports. For instance, in the
case in question the beam is in some way suspended at the extremities, where the
top chord rests on the columns (Figure 3).
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These topics are treated in the paper, where the thermal field in the concrete, in
the strands and in the ordinary reinforcement, is investigated in detail, in order to
work out the various contributions to fire resistance. Reference is made to the
provisions of European Codes (2002, 2004).

(b)

main beam

Figure 1 — (a,c) Views of a typical prefabricated roof with external inverted-V
main beams resting on tapered columns; and (b) internal V beams.
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2. GEOMETRY, PRESTRESSING AND REINFORCEMENT OF THE
BEAM

The main roof beams considered in this paper are characterized by an inverted-V
section of 1.6 m height, 2.4 m width, and a nominal span of 11.5 m (Figures 2 and
3). The section is constant and there are no end diaphragms. Each main beam
supports 4 secondary beams along each side. At each extremity, the secondary
beams rest on a couple of teeth protruding laterally from the wings of the main
beams. (Hence, the main beams are subjected basically to the rather concentrated
loads transmitted by the 4 + 4 secondary beams, Figure 5; each of these loads,
however, is applied in the two sections containing the teeth, see Figure 11; note
that in the following reference is made to the internal main beams, since the
external beams — along the sides of the roof — support only four secondary beams).

The structural layout is that of a simply-supported beam; since this scheme is
statically-determinate, all the possible variations of the internal forces ensuing
from thermal gradients and prevented thermal dilations in case of fire are ruled out,
something that does not occur — for instance — in monolithic slab-type roofs, that
exhibit large redistributions of the internal forces in fire conditions (Bamonte et al.,
2009; Buchanan, 2002).

Figure 2 — Example of a wing-type section, with the shear force V., and its
components V* acting on the wings; and geometry of the section examined in this
paper: total depth h = 1600 mm; width b = 2400 mm; thickness of the wings by, =
90 mm; overall length L = 12 m; and f = 51°.
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The support system and the assembly tolerances are such that no significant
membrane action in the plane of the roof is to be expected; moreover, the
connection devices placed between the main beams and the top of the columns
(threaded steel bolts) do not allow the transmission of significant horizontal forces
to the columns.

The teeth supporting the secondary beams (Figure 4) are limited to a rather
small portion of the beam span and will be ignored in the following, where
reference will be made only to the current section.
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Figure 3 — (a) Half cross-section with the indication of the columns; and (b) lateral
view, with the layout of the transverse reinforcement. Section A at z = 0; and
Section B at z=1.50 m.

Figure 4 — 3D-view of one quarter of the beam, with the supports for the
secondary V beams.
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It is worth observing that the two wings connecting the upper compression
chord with the bottom tension chord (or stringer) are rather thin (90 mm).

The position of the prestressing reinforcement (26 strands; diameter = 0.5 in;
number of wires in each strand = 7; diameter of each wire close to 4.2 mm; cross-
sectional area of the strand = 98.7 mm?) is given in Figure 6, where the boundary
conditions adopted in the thermal analysis of the current section are indicated as
well. The numbering of the strands was carried out on the basis of the horizontal
layers, at increasing values of the coordinates x and y.

From the position of the strands it is possible to determine the effective depth d,
that will be used in the following for the calculations. In a structural element that
is subjected to a combination of bending and shear, the effective depth is defined
as the distance between the top of the compression chord (“extrados”) and the
tension chord, that coincides with the centroid of the tensile reinforcement. In the
case under investigation, it is reasonable to assume that strands 1 to 12 will
contribute to the tension force at the ULS, while the strand 13 is located inside the
compression chord.

Therefore, the position of the centroid of the tensile reinforcement (y,, =
360 mm in Figure 6) is determined as the weighted average of the positions of the
single strands, taking into account the fact that the strands are characterized by the
same cross-section; the effective depth and the internal lever arm of the section at
the ULS are: d = h — y,, = 1600 — 360 = 1240 mm; z = 0.9 d = 1116 mm; in each
web or wing: d* = d/sin(B) = 1600 mm; z* = z/sin(f) = 1400 mm (Figure 11).

The main geometric properties of the section are:

e Cross-sectional area: A =6197 cm’

¢ Distance of the centroid from the intrados: yg =85 cm

e Second moment with respect to x’: I’ =16.03 x 10° cm*
e Second moment with respect to y: I, =20.19 x 10° cm*

In Figure 3 the lateral view of one half of the beam shows the layout of the
ordinary reinforcement in each inclined web or wing. In each web, the zone closest
to the support (D-region) and that close to mid-span (B-region) are differently
reinforced. In each web or wing:

e D-region: Vertical reinforcement: two-leg &J8 mm-stirrups (spacing = 70 mm);
Horizontal reinforcement: two layers of &8 mm-bars (spacing 70 mm).

e B-region: Vertical reinforcement: two-leg &6 mm-stirrups (spacing =
200 mm); Horizontal reinforcement: two layers of &8 mm-bars (spacing
210 mm).

In this paper, reference will be made to both D- and B-regions, as the former is
characterized by diffusive stresses and the latter by regularly-distributed stresses.
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3. LOADS AND INTERNAL FORCES

The dead load consists of the self-weight of the main beam and of the four rather
concentrated loads transmitted by the secondary beams (Figure 5). These loads are
applied at 1.25 and 4.25 m from each support. The self-weight of the beam is
determined on the basis of the previously calculated cross-sectional area (current
section). As for the loads transmitted by the secondary beams, reference should be
made separately to their self weight, and to their permanent and variable loads.
Assuming for each secondary beam the following values:

Length =18 m

Spacing (mean plane-to-mean plane) = 3.0 m

Sectional area = 2705 cm®

Area pertaining to each secondary beam = 3.0 x 18.0 = 540 m’

Self weight of the concrete panels covering or connecting the secondary beams
= 1.0 kN/m’

Snow load (the only variable or live load) = 1.50 kN/m®

The following loads should be resisted by each main beam:

Self-weight of the main beam: g = 15.50 kN/m
Self-weight of the secondary beams: Py =121.50 kN
Permanent loads applied to the secondary beams (including the overlapping of
the panels): Py =73.80 kN
Snow load transmitted by each couple of secondary beams:

Py = 81.00 kN

The applied loads and the diagrams of the internal forces (bending moment and

shearing force) are indicated in Figure 5. Note that the diagrams refer to the
Ultimate Limit State and to fire, respectively. Hence, two situations are considered:

in ordinary conditions, following the provisions of the Italian Code (that is very
similar to Eurocode 2), the Ultimate Limit State (ULS) is checked with the self-
weight of the element increased by 30%, and the superimposed permanent and
variable loads increased by 50%;

in fire conditions the beam is subjected to the permanent loads at their
characteristic values (i.e. the values are not increased), plus a suitable share of
the variable load (for the snow on roof elements = 20%).

On the basis of the aforementioned provisions, the maximum bending moment at
mid-span has the following values:

Bending moment in fire conditions: Mpfi. = 1419 kNm
Bending moment at the Ultimate Limit State: Myrs = 2479 kNm
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Figure 5 — (a) Loads acting on the beam; and (b,c) diagrams of the internal forces,
at the Ultimate Limit State (dashed curves) and in fire (continuous curves). Pg. =
212 kN; Pyrs = 390 kN.

The same provisions are used for the maximum shear force, that occurs near the
supports (D-region, Section A, z = 0, Figure 3):

e Shear force in Section A in fire conditions: Vasire =512 kN

e Shear force in Section A at the Ultimate Limit State: Vaurs = 896 kN
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Since the arrangement of the transverse reinforcement is not span-wise
uniform, the shear-bearing capacity should be checked also in the B-region
(Section B, z=1.50, Figure 3):

e Shear force in Section B in fire conditions: Vg fire = 277 kKN
e Shear force in Section B at the Ultimate Limit State: Vg y s =476 kN

Note that for simplicity the suffix “Sd” has not been introduced (for instance,
Mg fire and Mgquis, instead of Mg, and Myrs).

Finally, being simply supported with no axial restraints, the beam is subjected

to no redistributions of the internal forces, which can be assumed to be constant
during the fire.

4. MATERIALS PROPERTIES

The following materials properties were assumed according to the provisions of
EC2:

Characteristic cubic/cylindrical strength of the concrete:
Re/fx = 45/35 MPa

Design strength at the ULS under sustained loads (uniaxial/biaxial stresses)
fea/fea’ = 19.8/9.9 MPa

Design strength in fire (uniaxial/biaxial stresses)
fcd/fcd’ =35.0/17.5 MPa

Characteristic/design strength at yielding of the transverse reinforcement
f/fya = 500/435 MPa

For the prestressing reinforcement the following values are assumed:

e Elastic modulus of the prestressing reinforcement  E, = 195000 MPa

Characteristic strength of the prestressing steel at failure/at yielding
fou/fpo.1x = 1668/1422 MPa

Initial stress (before concreting) Gpo = 1200 MPa

Stress at the serviceability Limit State (strands with low relaxation)
6p1 = 1000 MPa

Initial imposed deformation (before concreting) €50 = 6.15%0
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Figure 6 — Prestressing strands, centroid of the section, and centroid of the tension
reinforcement at the ULS (Strands 1-12); and boundary conditions of the thermal
problem (thick line = adiabatic; dashed line = standard fire; dash-dotted line:
20°C); t = [min].
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Figure 7 — Decay of the yield strength of the prestressing and ordinary
reinforcement (continuous lines), and of concrete compressive strength (dashed
lines), as a function of the temperature (EC2).
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The deformation imposed to the strands before concreting is a sort of initial
“lack of compliance” between the strands and the surrounding concrete, and has to
be taken into account in the calculation of the bending capacity at the ULS, after
the stress redistributions ensuing from shrinkage, creep and relaxation of the
prestressing strands. However, if the prestressing steel has enough ductility (which
is usually the case), the bending resistance is little affected by the value of €.
Beside the materials properties in ordinary conditions, the properties at high
temperature are to be introduced as well. In Figure 7 the normalized decay curves
for the prestressing and ordinary steel, and for concrete are plotted as a function of
the temperature (Eurocode 2, 2004).

5. FIRE ANALYSIS
5.1 Evaluation of the thermal field

The evaluation of the bearing capacity in fire conditions requires the preliminary
thermal analysis of the cross section of the element. The aim of such analysis is to
determine the temperature distribution, when the relevant boundaries are exposed
to the fire.

In the following, reference is made to the standard ISO-834 temperature-time
curve.

In the case under examination, the boundary conditions that are used to
represent the fire are the following (Eurocode 1 (2002), Figure 6):

e along the sides defined by Points A-G, where the flames directly attack the
surface of the beam, the ambient temperature is assumed to vary following the
standard ISO834 temperature-time curve (whose expression is reported in
Figure 6, left): the heat transfer to the structural element is governed by
convection (convection coefficient = 25 W/[m*K]) and radiation (concrete
emissivity = 0.7);

o along the sides defined by Points G-I, where the surface of the beam is directly
exposed to the external environment at 20°C, the heat exchange between the
beam and the environment is governed again by convection and radiation; the
two phenomena, however, are lumped together, as it is usually done, by
introducing convection with a suitably modified coefficient (= 9 W/[m*-K]);

e along the side defined by points I-A there is no heat exchange (adiabatic
conditions), because of symmetry.

Heat transfer inside the beam occurs by conduction, that is controlled by
concrete thermal properties, namely conductivity and specific heat, and by the
density. The values used in the analysis were chosen in accordance with the
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provisions of Eurocode 2 (2004). For the thermal conductivity, the Eurocode
allows to choose between an upper curve and a lower curve; in the present case,
the mean value was assumed in the analysis.

The thermal analysis was carried out by means of the finite element code
ABAQUS, by setting up a two-dimensional model of the cross section, that
neglects the reinforcement (as usually done in the thermal analysis of R/C and P/C
members). Triangular elements with quadratic shape functions (6 nodes for each
element) were adopted; the mesh consisted of 1320 elements with 2849 nodes
(Figure 8a-d).

Figures 8b-d shows the thermal field for a standard-fire duration of 60, 90 and
120 minutes. The temperature contour lines are plotted only in the area where the
temperature is above 500°C. This value is usually considered as a threshold for
both concrete and ordinary steel, as both materials suffer a significant strength loss
above 500°C, but keep most of their strength unaffected below this temperature.

Therefore, in the so-called simplified approach to fire analysis the 500°C
isothermal line separates the area of the section that is fully effective in resisting
the fire from the remaining area that is severely damaged and can be neglected
(except for the reinforcement comprised in this area). In the following, the
simplified approach based on the 500°C-isothermal will be used in bending, but
the more refined multi-zone approach will be adopted in shear. (Note that the
former approach does not require the knowledge of concrete decay at high
temperature, which is required by the latter approach).

Figure 9a shows the temperatures in the prestressing strands as a function of
the fire duration; clearly, these values have a significant influence on the overall
behaviour of the beam in fire, since (a) the thermal dilations ensuing from the
temperature rise bring in a very rapid and sizable prestress loss (Gales et al., 2010);
and (b) the above-mentioned thermal damage negatively affects the yield strength,
thus reducing the bending capacity in fire.

For instance, at t = 60 minutes, the isothermal line 500°C coincides with the
mean line of the section of the wing and the effective or reduced thickness of the
wing becomes zero (according to the 500°C-isothermal line approach). This is the
reason why a more refined approach should be used in shear (the above-mentioned
multi-zone approach), as the shearing force is mainly absorbed by the wings.

The temperatures in Figure 9a are the starting point for evaluating the decay of
the mechanical properties of each strand (see in Fig.9b the strength at yielding of
each strand as a function of fire duration). To this end, the decay curves provided
by the design codes as a function of the temperature should be used (see the curves
provided by EC2 in Figure 7).

It is worth noting that beyond 1000°C, the strength of the prestressing steel
becomes negligible.
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Figure 8 — Thermal analysis: (a) 2D modeling of half section; and (b) position of
the 500°C isothermal line inside the section for t = 60 minutes (the wing is totally
above 500°C).
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Figure 9 — (a) Temperature and (b) strength at yielding in the prestressing strands,
as a function of fire duration (ISO-834 fire).

5.2 Bending capacity at the ULS and in fire

The bending capacity was determined by assuming a non linear distribution of the
compression stresses acting on the concrete (approximated by means of a stress
block), and an elastic-perfectly plastic behaviour for the prestressing steel, with
infinite ductility. The internal lever arm at 20°C turned out to be close to 0.9d.

The resisting moment Mg, is equal to 3173 kNm, that is approximately 30%
larger than the design moment at the Ultimate Limit State (3173/2479 = 1.28).
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In underreinforced sections, the bending capacity is governed by the yielding
of the reinforcing steel, in order to ensure enough ductility at the ULS. The same
applies in fire conditions, where the temperature-induced decay of the reinforcing
steel determines the decrease of the bending capacity.

Hence, as already mentioned, knowing the decay of the yield strength for each
strand is a must; the starting point is the evolution of the temperature in each
strand (Figure 9).

The decay of the sectional bearing capacity in bending is evaluated by using
the 500°C-isotherm method, which is suggested by the Eurocode 2 for any
members subjected to normal stresses. The main assumptions of this simplified
method are:

e concrete that has reached temperatures above 500°C is considered totally
damaged, and thus not effective from a structural point of view (f," = 0);

e concrete that has reached temperatures below 500°C is assumed to have the
same mechanical properties as in virgin conditions (f," = £.*° = f,);

o for both the prestressing and ordinary reinforcement, the mechanical decay is
evaluated on the basis of the actual temperature (Figures 8 and 9).

It is worth recalling that, in fire conditions, the resistance is evaluated on the
basis of the characteristic strengths of the materials, and not of the design strengths,
as at the Ultimate Limit State.

The value of the bending moment in fire conditions at mid-span is Mggfire =
Mire = 1419 kKNm.

Figure 10 shows the decay of the resisting bending capacity according to two
different approaches:

e lower curve (®): 500°C-isotherm method;

e upper curve (®):  the decay is assumed to be equal to the average decay of
the yield strength in the prestressing strands in tension (Strands 1-12); this
assumption implies that the internal lever arm is constant during the fire,
something that in principle is not correct.

It is worth noting that the two approaches yield results that are practically
coincident; the second approach, however, tends to slightly overestimate the
contribution of the strands in the web (8, 9 and 10), that are the hottest (Figure 9),
and thus are more prone to thermal decay.

The intersection between the curves (representing the decay of the bending
capacity) and the horizontal line (representing the bending moment in fire) is close
to 80 minutes.
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Figure 10 — Evaluation of the fire resistance in bending: (e) 500°C-isotherm
method; and (#) according to the average decay of the yield strength of the
prestressing reinforcement.

5.3 Shear capacity at the ULS and in fire

The evaluation of the bearing capacity in shear can be carried out by assuming that
the shear force is resisted solely by the two inclined webs, as shown in Figure 2,
where the shearing force V. (due to the external or applied loads) has two
components V* acting on each wing. The angle of the wings with respect to a
horizontal axis is 3 = 51°.

The forces V* and V. (the latter evaluated through structural analysis) are
related by the following simple expression:

V* = Ve/[2:sin(B)] = 0.64V ey
It is now possible to evaluate the maximum force acting on each single wing,

on the basis of the maximum shear values in Section A (z = 0) and in Section B (z
=1.50 m):

o Shear force in Section A (in fire conditions) V*4 fire = 329 kKN
o Shear force in Section A (at the ULS) V*4uLs =576 kKN
e Shear force in Section B (in fire conditions) V*p e = 178 kKN
o Shear force in Section B (at the ULS) V*puLs =306 kN
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D-region

In this D-region (Schlaich et al., 1987), the reaction exerted by the support spreads
into the inclined webs, while the prestressing force — albeit rather distributed — is
not totally efficient (and is neglected in the following).

The web behaviour can be modelled through a strut and tie mechanism, with
the formation at the onset of collapse of compressive and tensile bands
representing the concrete and the reinforcement, respectively.

The position of the struts and ties depends on the geometry, on the size of the
bands and on the distribution of the reaction at the supports, see Figure 11, where
half a beam is represented ; the loads P* = V*A/4 = 144/82 kN (at the ULS/in fire,
including the self-weight of the beam) act in the mean plane of each wing and are
transmitted by the secondary beams in the sections containing the supporting teeth,
that are 4 over 50% of the span. (Note that the nominal span in Figure 11 Ly =
11.10 m is slightly smaller than the span L = 11.50 m adopted in the evaluation of
the internal forces — see Figure 5 — because the reaction has been considered as
linearly-distributed at the column-beam contact, that is B/2 = 70 cm-long, as the
column side is B = 140 cm, see Figure 3).

The axial forces in the truss members closest to the support are as follows:

o in fire: Ny e = 253 kN; Nogire = -183 kN; Ni e = 35 kN; N sire = 299 kN; Ns e
=-292 kN

e at the ULS: NI,ULS = 445 kN, N2,ULS =-321 kN, N3,ULS =62 kN, N4,ULS =525
kN, NS,ULS =-514 kN

In order to evaluate the resisting contributions, the resisting sections should be
defined. As each member represents a more or less wide “band” related to wing
geometry, to the reinforcement and to the loads, among the 5 members belonging
to the D-region, only the ties 1 and 4, and the strut 2 will be considered. (As a
matter of fact, tie 3 is hardly loaded, and strut 5 takes advantage of the full height
of the wing).

For tie 1, all the reinforcement distributed over a length h*/2 = 70 cm in both
directions x and y has been considered:

e Vertical reinforcement: two-leg stirrups &8 mm/70 mm
= A, = 1005 mm’
e Horizontal reinforcement: two layers of @8 mm/70 mm

= A, = 1005 mm’

As the steel ratio in the vertical and horizontal directions are equal, the shear
resistance of the reinforcement (after yielding) in any direction — and namely at o’
= 56° — is the same as in the x and y directions, it can be assumed that A; = A, =
A~ 1000 mm’.
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Figure 11 — (a) Map of the principal tensile stresses in each web; and (b) strut-and-
tie model adopted in each web for D-regions; the extension to the mid-span section
is for the sake of completeness; the traditional variable-inclination model has been
used far from the supports (in B-regions); o’ = 56° ; o’” = 57°; a’”” = 40°,

For the tie 4, the strands 1-7 have been grouped together, and therefore the total
area is A4 = 691 mm?>

For strut 2, the transverse side of its section is equal to the thickness of the
wing (by = 90 mm), while the other side may be prudentially taken close to 1/5 of
the effective depth of of the wing (320 mm). Hence A, = 28800 mm”.

Hence, the checks are satisfied both in fire (at t = 0) and at the ULS:

® Nirdggre = Al Ty (N1 rauLs = Aq fya) = 500 kN (435 kKN*) = Ny e (N1uLs) =
253 KN (445 kN*)

® Norafire = Az T’ (NorauLs = Az feg) = 504 kKN (286 kKN*) = Ny fire (Np,ues) =
183 KN (321 kKN*)

® Nirdfie = Ag fro.1c Naraurs = Ag foq) = 982 KN (855 kN) = Ny fire NauLs) =
299 kN (525 kN)

(*) As the focus is on fire resistance, this check may be considered as satisfied.

The resisting contributions Nirg e and Nagrgurs should be reduced (-25% in
the following) to take into account the limited anchored length of the strands,
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which prevents them from being fully effective in the section containing the joint
among tie 2, tie 3 and strut 5.

It should be remembered that in fire (t > 0) not only the reinforcement, but also
the concrete exhibit a mechanical decay. Hence, the resisting contributions of the
reinforcement and of the wings will be evaluated separately. (Especially in thin-
walled members, the concrete of the webs may be in principle as heat-sensitive as
the reinforcement, something that does not occur in solid members, where the
mean temperature of the concrete is much lower than that of the reinforcement).

Assuming for the two layers of the transverse reinforcement (stirrups +
longitudinal bars) a cover of 20 mm (from the heated surfaces to the axes of the
bars, as usual in fire design), the temperature-time curve of the transverse
reinforcement is shown in Figure 12, together with the decay of the normalized
strength at yielding.

The evaluation of concrete decay under shear-compression (i.e. in the struts)
has been performed with the zone method, by subdividing each wing into 8 layers
(= 4 zones, Figure 13a), which are symmetric with respect to the mean plane. The
evolution of the mean temperature in each layer — as a function of the fire
duration — is shown in Figure 13b.
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Figure 12 — Plots of the temperature in the transverse reinforcement and of the
normalized strength at yielding (according to EC2), as a function of the fire
duration.
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Figure 13 — (a) Subdivision of the wing section into 4 zones; and (b) plots of the
mean temperature (dashed curves) and of the normalized concrete strength in each
zone (continuous curves), as a function of fire duration.

In Figure 14 the normalized strength decay of the concrete k(M) in the mean
plane (M along the chord AB, Figure 13a) and the mean normalized strength
decay k., (evaluated among the four zones) are plotted, together with the
temperature in the mean plane T(M), as a function of fire duration.

In the following, the expressions of k., a, (= thickness of the totally-damaged
layer) and of b, (= effective or reduced thickness) are reported, according to EC2:

kem =[(1 = 0.2/m)/n]- Z; k(Ti)(1)
a, = by/2:[1 — ken/ke(M)](2)
by = by — 2a, = by [ken/ko(M)](3)
where: n = number of the zones
T; = mean temperature of the i-th zone

by = web or wing design thickness
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It is worth noting that k.,/k.(M) brings in the lack of uniformity of the thermal
field.

The reduced or effective thickness b, is plotted in Figure 15 as a function of
fire duration. Note that (a) at the beginning of the fire (T = 20°C), the value of k.,
becomes 1 only if n — oo [in our case, with n = 4, k., = 0.95, which means: by}
(20°C or t = 0) = 85.5 mm, instead of 90 mm]; and (b) the rather odd evolution of
b, with the fire duration has to do with the temperature-dependency of k., and
k.(M).
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Figure 14 — Plots of the temperature T(M) and of the normalized-strength decay
k(M) in the mean plane of the wing, and plot of the mean decay of the normalized
strength k.,: the dashed curve is in accordance with the actual temperature at the
beginning of the fire (T = 20°C, ambient temperature), and the continuous curve is
in accordance with Eq. (1).

In Figure 16 the axial capacities of the members 1 (tie), 2 (strut) and 4 (tie) are
plotted as a function of the fire duration (Njrafie; Nordfire; and NaRrdfires
respectively), together with the corresponding values of the internal forces in fire
conditions (N gire; No.gire; and Ny gire). Note that the axial capacity of each member is
obtained by multiplying the reduced section by the strength corresponding to the
temperature in the mid-plane T(M).

In the D-region, section z = 0 m, the collapse occurs at roughly 50 minutes
because of steel yielding in the inclined tie No.1 (Figure 11), while it would occur
at roughly 58 minutes in case of concrete crushing in strut No.2 and at 70 minutes
in case of steel yielding in tie No.4.
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Figure 15 — Plot of the effective or reduced thickness bwR as a function of the fire
duration: the dashed curve is in accordance with geometry (bw = 90 mm) and the
continuous curve is in accordance with Eq. (1).
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Figure 16 — Evaluation of the shear resistance in fire: plots of the different shear-
resisting contributions, as a function of the fire duration.
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B-region

The bearing capacity is checked by using the traditional truss model, with variable
inclination (i.e. to be established by the designer), that is a realistic representation
of the mechanical behaviour of thin concrete webs subjected to prevailing shear
(Leonhardt et al., 1973; Dei Poli et al., 1987; Adebar et al., 1998; Toniolo and di
Prisco, 2010). The resisting mechanism consists of transverse reinforcement,
longitudinal reinforcement, concrete compression chord and inclined concrete
struts (Figure 17).

Vv M

Figure 17 — Shear-resisting truss system (22° < 6 < 45°); a = 90° for stirrups; and
a # 0 for inclined reinforcement (none in the case in question).

The transverse reinforcement consists of stirrups: two-leg J6mm (Ag, = A = 56.5
mmz), with sg, = 200 mm.

The contributions to the shear capacity of each wing are as follows (no inclined
bars):

o Stirrups V*red = 0.9-Ag(d*/s4)-fya-cot(0)
e Inclined concrete struts V*red = 0.9-d*-by- ac-fq’-cot(0)/[1 + cotz(e)]

where: Ay (stirrup area, two legs) = 56.5 mmz; St = 200 mm
d* (effective depth of each single wing) = dav/sin(p) = 1600 mm
by (web or wing thickness) = 90 mm
o, (coefficient that takes care of the favourable effect of prestressing) =
1.00-1.25 (EC2)

By assuming that (a) the prestressing force is fully distributed on the sections at
the ULS (o = 1 + o.y/fca = 1.21) and is totally ineffective in fire (o = 1.00), and (b)
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the mean prestressing stress acting in the strands is close to 1000 MPa, the value
of O turns out to be even less than the minimum (22°) specified by EC2. Hence, in
the following 0 is given the value 22°.

The following values are obtained for the shear resistances:

e V*gra =489 kN at the ULS; and 506 kN in fire (t = 0)
® V*grea =532 kN at the ULS; and 777 kN in fire (t =0)

The above values of the resisting shear forces are higher than the acting shear
forces in both ULS and fire conditions (for t = 0), as V*gyrs = 306 kN, and V*g e
=178 kN.

In Figure 18 the decay of the resisting contributions of the stirrups and of the
concrete are plotted as a function of the fire duration. The plots of Figure 18 were
obtained in the same thermal conditions as those previously discussed for the
transverse reinforcement in the D-region (see Figure 12).
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Figure 18 — Evaluation of the fire resistance in shear, Section B with z= 1.5 m.

In the B-region, section z = 1.50 m, the collapse occurs at roughly 60 minutes
because of stirrups yielding, while it would occur at roughly 80 minutes in case of
concrete crushing.

It is worth noting that in the previous calculations, it was implicitly assumed
that in fire conditions the inclination of the concrete struts is the same as in virgin
conditions at the Ultimate Limit State (i.e. 6 = 22° in the B-region). The strut
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inclination, however, is in principle affected by concrete and steel strength decay,
as well as by the stress redistribution ensuing from first cracking and from the
decreasing effectiveness of prestressing at high temperature. Hence 6 dependence
on the thermal field should be in some way introduced, but addressing this topic —
even concisely — is beyond the scope of this paper.

6. CONCLUDING REMARKS

Thin-walled open-section P/C girders in fire conditions are among the most heat-
sensitive structural members, because of their large exposed surfaces, rather small
thickness, small-diameter reinforcement and limited cover, not to talk about the
distributed prestressing (in pre-tensioned members), that limits the protection
offered by the cover to the strands closest to the heated surfaces.

In the heavy-duty inverted-V girder investigated in this paper, the results of the
analysis in standard-fire conditions show that bending is not a problem, since the
fire resistance is close to 80 minutes. Such a figure (that is appropriate for a single
storey, industrial or office building) is predicted by both the 500°C-isotherm
method, and the method based on the average decay of the yield strength of the
strands, with minimal differences.

In shear (that is definitely dangerous in thin-walled members), the results show
that care should be used in modelling the end zones, where strut-and-tie models
allow to understand the roles of the concrete struts (whose effective section may
markedly decrease because of the heat-induced damage in the concrete) and of the
steel ties (either stirrups or prestressing strands). In the case in question, the shear
resistance in fire in the end zones (D-regions) turns out to be close to 50 minutes,
while in the undisturbed zones (B-regions) is close to 60 minutes (in both cases the
reinforcement fails first, but the fire resistance of the concrete in compression is
not much larger!).

Two comments may be made with reference to the checks performed in this
study: (a) in the end zones, the check at the Ultimate Limit State may be more
critical than in fire conditions in spite of the heat-induced materials damage,
because in the latter case materials strengths are definitely larger at the onset of
fire and loads are definitely smaller; and (b) in the undisturbed zones, decreasing
too much the transverse reinforcement — even if justified at the ULS — may lead to
a critical situation in fire, because of the little protection offered to the stirrups by
the rather small concrete cover.

Furthermore, contrary to solid sections, where concrete tends to keep its
integrity in fire and a number of internal redundancies can be mobilized together
or after steel yielding, in thin-walled members exposed to fire concrete may
become as critical as the reinforcement in terms of resistance, as no sizable
contributions coming from the redundancies of the strut-and-tie system should be
expected.
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ABSTRACT

The behavior in fire of a special type of prestressed composite structures is
investigated both experimentally and theoretically. This type of prestressed
composite structure - called PCS - consists of a primary structure and of one or
more prestressing structures interacting with the primary structure.

A beam provided with end and intermediate contact elements (all fixed to the
beam) makes up the primary structure.

A longitudinal strut, a tendon (anchored at the end sections of the longitudinal
strut) and a number of deviating elements (all connected to the longitudinal strut
and in contact with the tendon) make up the prestressing structure.

In the PCS presented in this paper the beam belonging to the primary structure
is a traditionally-prestressed concrete box beam, and the prestressing structure is
placed inside the internal volume (kollow core) of the box beam.

Predicting the thermal field in the prestressing structure (and particularly in the
tendon) when the entire structure is subjected to a fire is the primary objective, that
is achieved partly experimentally and partly numerically, by investigating the box
beam subjected to the Standard Fire (ISO 834). Numerical analysis shows that the
temperature of the tendon - inside the box beam - increases slowly and does not
exceed 150°C for more then three hours, as confirmed by the experimental results
obtained by testing a portion of a reduced-scale concrete box beam, whose thermal
behavior is equivalent to that of the full-size box beam.

The conclusion is that the PCS in question, with the prestressing structure
placed inside the internal volume of the box beam, is a good structural solution in
terms of fire resistance.

! Professor, Department of Structural Engineering, University of Cagliari, Cagliari, Italy.
2 MS Civil Engineer, Modena, Italy.
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1. INTRODUCTION
1.1 Description of the PCS

PCSs are a special type of prestressed composite structures, consisting of a
primary structure and of one or more prestressing structures interacting with the
primary structure. (For the conceptual design of PCSs, see Antonello Gasperi,
1999 and 2004).

The specific PCS investigated in this research project is illustrated in Fig 1,
where the simply-supported PCS (subjected to the loads Q) is indicated with “1”".
PCS (1) comprises a primary structure (3) and a prestressing structure (4).

The primary structure (3) consists of a precast concrete beam (3a), two end
contact elements (3b) and five intermediate contact elements (3c), all fixed to the
beam. The primary structure is in contact with the external supports (2a, 2b) and
bears the loads Q. In the primary structure (3), the beam (3a) is a traditionally-
prestressed precast concrete beam. (Prestressing is performed by pre-tensioning a
number of strands according to the well known technology).

The prestressing structure (4) comprises a longitudinal strut (4a) - primarily
subjected to axial compression -, a tendon (4b) anchored at the end sections of the
longitudinal strut (4a), and five steel deviating elements (4c) which are connected
to the longitudinal strut and are in contact with the tendon. The longitudinal strut
(4a) is parallel to the axis of the primary structure and consists of two mutually-
connected steel members (5). The tendon (4b) consists of two groups (6) of high-
strength steel sheathed strands, that are placed inside as many polymeric ducts
filled with a protective material; the strands (and so the tendon) are anchored at the
end sections of the longitudinal strut. The relatively-short strut-like deviating
elements (4c) give the tendon a curved shape. The prestressing structure is in
contact with the primary structure via the contact elements (3c) and (3b).

In PCS (1) the relative longitudinal displacements between the primary
structure and the prestressing structure are allowed in correspondence with the
intermediate contact elements (3¢) and with the end contact element (3b) close to
the support (2b); the longitudinal displacements between the primary structure and
the prestressing structure are prevented only in correspondence with the end
contact element (3b) close to the support (2a). The relative transversal
displacements between the primary structure and the prestressing structures are
prevented in correspondence with the contact elements (3¢) and (3b).

In correspondence with the above-mentioned contact elements, the prestressing
structure (4) applies to the primary structure (3) a system of forces that are mainly
due to the tensioning of the tendon. (However, a small fraction of these forces is
due to the applied loads Q).

The system of forces transmitted by the prestressing structure produces in the
primary structure (a) a remarkable bending and shear that partly counterbalance
the bending and shear induced by the applied loads, and (b) a negligible axial force
due to the friction between the primary and prestressing structures.
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Figure 1 - The PCS indicated with “1”: (a) lateral view and longitudinal section;
and (b) A-A section.

Disregarding the frictional forces, the prestressing structure applies to the
primary structure vertical upward forces in correspondence with the intermediate
contact elements (3c), as well as vertical downward forces in correspondence with
the end contact elements (3b).

As for the construction procedure of the PCS, the tendon of the prestressing
structure is tensioned by means of a hydraulic jack that acts against the
longitudinal strut. During the tensioning operations, each of the strands lengthens,
freely sliding inside its own sheath, while the longitudinal strut (subjected to
compression) shortens and moves longitudinally with respect to the primary
structure, except at the end contact element (3b) close to the support (2a). Hence,
the longitudinal strut - and not the primary structure - is subjected to compression
due to the tensioning of the tendon. Finally, the extremities of the tendon are
anchored at the end sections of the strut.

1.2 Objective of the paper

The fire resistance of a reduced-scale PCS similar to PCS (1) is the primary
objective of this study, which deals with the numerical and experimental
evaluation of the maximum temperature reached by the tendon of the prestressing
structure. (For Structural Fire Design see - for instance - Kordina and Meyer-
Ottens, 1981; Richter, 1987; Buchanan, 2002; for the study of concrete sections
see Tattoni, 1994 and 2005).
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Knowing the temperature in the tendon is instrumental in assessing the forces
that the prestressing structure transfers to the primary structure in case of fire and
in evaluating the fire resistance of the PCS.

The results of this research project give information not only on the fire
behavior of the PCS, but also on that of a P/C box beam provided with external
tendons placed inside the hollow core of the box beam (i.e., not inside embedded
ducts, as in traditional post-tensioned P/C girders, see Tattoni and Gasperi, 2010).

Fig. 2. Typical cross-section of a box beam (Model MGO in the numerical
analysis); the dimensions are in cm; the tendons are not shown.

1.3 Methodological approach

The main dimensions of the concrete cross section of the box beam (primary
structure) are illustrated in Fig. 2. The section is characterized by a great free
volume inside, whose behavior in fire should be studied by using fluid dynamics,
including free-water diffusion and evaporation inside the concrete mass.
Considering, however, the complexity of the problem and the uncertainty of the
many parameters, performing a specific experimental test was considered the best
way to achieve our goal.

In order to simplify the experimental set up and the reduced-scale specimen to
be tested, without compromising the results concerning the thermal field, the
following simplifications were introduced:

e the reduced-scale box beam representing the primary structure is not prestressed;

e the prestressing structure is limited to a portion of the tendon (no longitudinal strut
and deviating elements); the tendon comprises a number of high-strength steel
strands.

These simplifications are acceptable, as they do not compromise the results,
that are focused on the thermal field. (The longitudinal strut — not present in the
scaled-down specimen — is definitely less affected by the temperature than the
tendon).
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Unfortunately, it was impossible to introduce into the furnace a full-scale
portion of the box beam mainly because of its total height (2600 mm) and width
(2500 mm). Therefore a reduced-scale specimen was designed and cast.

Instead of simply reducing the size (which could lead to unreliable results), a
thermally-equivalent specimen was devised (i.e. thermally equivalent to the full-
scale primary structure).

In the following Chapter 2 the analytical approach used to define the most
appropriate reduced-scale specimen is described, and in Chapter 3 the results
concerning the test in the furnace are presented and discussed.

2. NUMERICAL ANALYSIS

2.1 Preliminary remarks

In order to work out an appropriate model, the following considerations were

made:

o the temperature inside the hollow core of the section depends on the temperature
reached by the internal surfaces;

e the heat inside the core is transferred mainly by convection rather than by radiation or
conduction;

e the shape of the isotherms in both the slabs and the walls is nearly parallel to the
exposed surfaces, with the exception of the corners;

e the temperature inside the cavity depends mostly on the thickness of the bottom slab
and of the walls.

S

Figure 3 - Significant dimensions in a typical cross-section.

Hence, the physical model of the box was designed to meet the following
conditions:
e the material is the same as in the actual box (concrete);
e the thickness S of the walls and of the bottom slab is the same as in the actual box;
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e  only the length L (length of the bottom slab, corners excluded) is reduced to allow the
introduction of the specimen into the furnace, without jeopardizing the closeness
between the thermal field of the model and that of the full-scale beam.

Summing up, the problem was reduced to find out the minimum ratio L/S
compatible with the thermal response of the actual beam and with the size of the
furnace (Fig. 3).

2.2 Models

Four FEM thermal analyses (MGO, MG1, MG2 and MG3) were performed to
assess the role that the various geometric parameters play in the thermal field:

e MGO : actual size of the cross section of the full-scale box beam (ratio
between the length L and the thickness S : S/L = 5.6);

e MGI1: L/S=6;

e MG2: L/S=5;

e MG3: L/S=4.

The thicknesses of the bottom and top slabs, as well as that of the two lateral
walls are the same in all models and equal to those of the given structure. The
width of the top slab is also the same in all models, but the distance between the
walls varies slightly. The inclination of the walls with respect to the vertical is
constant (roughly 22°).

As usual, the reinforcement was neglected in the evaluation of the thermal
field.

For the sections considered in the analysis, see Fig.4. For the thermal
characteristics of the materials, see Tables I and II.

Table I - Thermal characteristics of concrete (EN 1992-1-2).

Siliceous concrete: constant values

Convection coeff. (exposed surfaces.) 25.0 W/m*C
Convection coeff. (not exposed surf.) 9.0 W/m*C
Resultant emissivity coefficient. 0.56
Radiating coefficient. 31.8x10°
Siliceous concrete: values depending on temperature
Temperature °C Mass kg/m® Conductivity Spec. heat
W/m*C JIKg°C
0 2300 2.000 900.0
275 2250 1.513 1062.0
550 2250 1.152 1183.0
825 2250 0.888 1261.0
1100 2250 0.808 1297.0
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Table II - Thermal characteristics of dry air.

Dry air: constant values

Convection coeff. (exposed surfaces.) 5.0 W/m*C
Convection coeff. (not exposed surf.) 5.0 W/m*C
Resultant emissivity coefficient. 0.56
Radiating coefficient. 31.8x10°
Dry air: values depending on temperature
Temperature °C Mass kg/m® Conductivity Spec. heat
W/m?*°C JIKg°C
0 1.3 0.020 1050.0
275 1.3 0.024 1004.0
550 0.6 0.042 1040.0
825 0.6 0.060 1080.0
1100 0.5 0.075 1120.0
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Figure 5 - Thermal map of the original section (MGO) for a fire duration of 120
minutes (ISO 384 Standard Fire).
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In the thermal analyses, reference was made to the Standard Fire (temperature-
time curve ISO 834). All analyses were carried out by means of the code Fires T3
(Iding et al., 1977).

In Figs. 5 and 6 the thermal maps at a fire duration of 120 minutes are reported
for the full-scale section and for the reduced-scale section, respectively.

In all FEM models the thermal fields are very similar. Since the isotherms are
mostly parallel to the mean planes of the walls and of the slabs (except in the
corner zones), the extension of the bottom slab and of the walls is not a critical
parameter in the thermal analyses.

The conclusion is that it is possible to reduce the dimensions of the cross
section of the box beam without compromising the thermal field with respect to
the full-scale section, as shown by the small (if any) variation of the temperature in
the centroid of the top surface of the bottom slab, for various values of the ratio
L/S (Fig. 7).

In the following, reference is made to the Model MG3.

1481403837

Figure 6 - Thermal maps of the models MG1, MG2 and MG3 (from left to right),
after 120 minutes of Standard ISO 834 Fire.
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Figure 7 - Temperatures reached after 120 minutes in the middle point of the top
surface of the bottom slab.
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3. EXPERIMENTAL TEST
3.1 Test specimens

The single reduced-scale specimen was designed and manufactured according to
the size introduced in the FE model MG3 (Fig. 8).

The actual mechanical characteristics of the concrete are: Ry.= 35 MPa and
Rem.= 47.5 MPa (siliceous aggregates).

The portion of tendon placed inside the box beam consisted in high-strength
steel strands, each of them greased and inserted in a plastic sheath; all strands were
inserted inside a high-density polyethylene - HDPE duct (Fig. 8).

Fig. 8 — Reduced-scale specimen and location of the thermocouples (inside the
concrete walls and attached to the tendon); specimen length 500 cm.

In order to obtain a complete picture of the thermal behavior of the box beam,
49 thermocouples were used during the test. All thermocouples were positioned
with the maximum accuracy. For example some thermocouples were pre-placed
inside small concrete prisms (one thermocouple for each prism) and later the
prisms were fastened to the reinforcement of the box beam, before casting (see
Fig.9 for the location of the thermocouples).

In more detail:

three thermocouples inside each slab and wall;

e five thermocouples attached to the top surface;
three thermocouples attached to the internal surface of each slab in the mid
section, and 50 and 100 mm from the surface;

e three thermocouples attached to the tendon.

The test was performed in the laboratory of “Istituto Giordano” in
Bellaria (Rimini, Italy). The size of the gasoil-fueled furnace was about
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250x250x500 cm. The specimen was placed inside the furnace in such a
way that its top slab closed the chamber along the top face. Light concrete

blocks were used to complete the top closure.
The test was run in accordance with the Italian Norms UNI 7677 and 7678.
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Figure 9 - Location of thermocouples on concrete and tendon.
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Figure 10 - Temperature-Time curve in the furnace.
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Figure 11 - Temperature profiles in the bottom slab (left) and in the tendon (right).

3.2 Test results

The actual temperature-time curve of the test is plotted in Fig.10. Note that that
there is an excellent agreement with the nominal ISO 834 curve. After 180
minutes the burners of the furnace were turned off and the temperatures were
recorded up to 360 minutes since the beginning of the heating process. In Fig.11
the most significant temperature profiles are shown.

Some comments:
the measures of the thermocouples turned out to be rather symmetric;

the temperature of the air inside the box beam did not vary significantly from
point to point;

the temperature inside the box remained close to 100°C for more than 180
minutes;

the moisture in the concrete (close to 2 - 3 % at the beginning of the test)
migrated toward the internal surface of the box and - by evaporating -
contributed to the long period at 100°C of the hollow inside the box ;

the evaporation of the water was over about 200 minutes after the beginning of
the test, which means 20 minutes after the burners were turned off, because of
the thermal inertia of the concrete mass;

concrete spalling reduced the thickness of the bottom slab and of some parts of
the walls by about 20 mm in the first 30 - 35 minutes from the beginning of the
test (Fig. 12);
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e from the point of view the effective geometric properties of the section, as the
rate of penetration of the 500°C isotherm is almost constant with the fire
duration (Fig.13), both the resisting area A and the moment of inertia J, exhibit
very similar and rather small reductions (not more than -15% after 2 hours of
standard fire; the rather small reduction of the moment of inertia ensues from
the fact that this parameter depends mainly on the dispersion of the area, that is
unaffected by the fire); of course, very similar conclusions apply to concrete
box beams prestressed by external tendons.

Figure 12 — Reduced-scale specimen after the test in the furnace: (left) concrete
spalling along the intrados of the bottom slab; and (right) strands of the tendon in
good conditions.

% reduction

500°C isotherm [mm]

Time [min]

Figure 13 - Position of the 500°C isotherm from the surface exposed to the fire
and reduction of the geometrical characteristics of the cross-section (Area A and
Moment of Inertia J,), because of the penetration of the 500°C-isotherm.
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4. CONCLUSIONS

The numerical analyses and the experimental test performed in this study in
standard-fire conditions give some information about the thermal field inside a
traditionally-prestressed concrete box beam, with specific reference to the box
beam belonging to the primary structure of the composite girder called PCS.

The numerical analyses allowed to reduce the size of the specimen to be tested
in the furnace, without introducing sizable errors in the thermal field with respect
to the full-size reference structure.

The experimental test showed that the temperature inside the concrete beam
remains low for more than three hours. This phenomenon is partly due to concrete
moisture, which moves inward and evaporates. The temperature of the tendon
(placed inside the box beam) remained low as well, for more than three hours,
which implies that in similar cases the tendons keep their mechanical properties
almost unchanged with respect to those at 20°C.

Finally the test results showed that some severe spalling occurred along the
intrados of the bottom slab (bottom surface) and - to a minor extent - along the
external surfaces of the walls. (The depth of the spalled concrete in the bottom slab
was close to 15% of the thickness)

All considered, the theoretical and experimental results clearly show that the
proposed PCS — and other similar solutions — are quite efficient in terms of fire
resistance, because the primary structure behaves like a protective shield for the
internal prestressing structure.
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ABSTRACT

Calculations concerning unsteady heat flows in commonly-used cross-sections are
presented in this paper with reference to R/C beams and slabs. The parameters
influencing the heat flow either inside the concrete or through its surfaces are
assumed from the codes (EC2, 2004; EC1, 2002).

The numerical results allow to work out a set of diagrams, which simplify the
evaluation (a) of the size of the reduced cross-sections, and (b) of the temperature
in the reinforcing bars. These diagrams can be useful in the design of R/C beams
and slabs using the “500°C-Isotherm Method”, as time-consuming calculations are
no longer necessary for the assessment of the thermal field in the case of unsteady
heat flows.
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1. INTRODUCTION

The load bearing capacity of R/C structural members in fire can be worked out by
means of tabulated data, simplified methods or global analyses, as specified also in
the codes (EC2, 2004). Global analyses, however, are not only time consuming,
but require also a lot of input data (fib, 2007; fib, 2008; Bazant, Kaplan, 1996;
Khoury et. al., 2002; Bamonte et. al., 2008), which are not defined in ordinary
structural design. On the other hand, fire resistance predicted on the basis of
tabulated data is often unreliable. Hence, simplified methods are a handy
intermediate solution which combines simplicity and adequate precision, like the
“500°C-Isotherm Method” suggested by EC2 (2004). This method is based on two
clearly-defined assumptions:

(1) the part of the concrete section that is enveloped by the 500°C-isotherm is fully
active (the mechanical properties are assumed to be the same as in virgin
conditions); the part of the concrete outside the 500°C-isotherm is neglected (the
concrete is assumed to be totally damaged); and

(2) the reinforcing bars have the mechanical properties corresponding to their
actual temperature.

In spite of its conceptual simplicity, the “500°C-Isotherm Method” requires a
rather time-consuming computational effort. Hence this method is not really
“simple” and some designers may go into troubles, when trying to use it.

Additionally, the following points should be stressed:

- the “500°C-Isotherm Method” is recommended only for standard-fire
conditions;

- when designing new R/C structures or reassessing existing structures, the
parameters influencing the heat flow in concrete are usually not defined; it
means that the values of these parameters are in most cases assumed as the
mean code values.

For the above-mentioned limits, the analysis based on the “500°C-Isotherm
Method” requires repetitive and time consuming calculations, even if the only
variable parameters are the dimensions of the “effective” cross-section of the
given structural member.

In this paper the calculations of the heat flow in many commonly-used cross-
sections for beams and slabs are performed on the basis of the average code values
of the parameters influencing the heat flow in concrete cross-sections (EC2, 2004;
EC1, 2002). The numerical results allow to draw simplified diagrams (a) for
predicting the size of the reduced cross-sections, and (b) for evaluating the
temperature in the reinforcing bars. These diagrams make it possible to eliminate
time-consuming calculations, when the “500°C-Isotherm Method” is used to
evaluate the load-bearing capacity of beams and slabs in fire.
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2. PARAMETERS INFLUENCING THE HEAT FLOW IN CONCRETE

For calculating the thermal field in a R/C section one should know: concrete
specific heat, thermal conductivity and mass per unit volume as a function of the
temperature, and the heat flux through the surface of the member in question.

Figures 1 and 2 show concrete thermal properties recommended in
EC2 (2004). In Fig.1, concrete specific heat in the temperature range between 100
and 200°C depends on concrete moisture content. The thick, thin and dashed
curves in Fig.la refer to moisture contents equal to 3%, 1.5% and 0 (completely
dry concrete), respectively. The solid curves in Fig.2 refer to the maximum and
minimum values of concrete thermal conductivity, while the broken curve gives
the average values. (The bottom curve comes from the test results specifically
aimed to evaluate concrete thermal conductivity, while the top curve leads to the
best fitting of the tests concerning full-size R/C members in fire).

2200 22
2000 +—qx T 20
< 1800 —} = 181 \
2 1600 \ ; 164",
S 1400 4} 2 14 ~.\\
T 1200 \ £ 121N
2 1000 Y 3 10 N SN
(8] c N -
£ 800 S 081
S 600 = 06- \%
& 400 E 04
200 2 02
0 —— : F oo : : :
0 200 400 600 800 1000 1200 0 200 400 600 800 1000 1200
Temeperature, °C Temeperature, °C
Figure 1 — Concrete specific heat Figure 2 — Concrete thermal conductivity
(EC2, 2004) (EC2, 2004).

The heat flux through the surface of the structural member should be
determined considering heat transfer by convection and radiation (EC1, 2002).

The convective heat flux component is given by the following formula:

hnet,c = au ' (ag - Hm) (1)

where:

e 0. 1is the coefficient of heat transfer by convection;

e 0, is the gas temperature close to the surface of the member [°C];

e 0, is the temperature of the surface of the member [°C].

In standard-fire conditions, EC1 (2002) recommends for a. the value 25 W/(m’K).
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The heat flux component related to radiation is given by the following formula
(EC1, 2002):
B, =@ -5, &, -0 -[(6, +273)" — (6, +273)"] 2)

where by default one can assume:

e configuration factor @ = 1.0;

e surface emissivity of concrete &, = 0.8;

e fire emissivity &= 1.0;

e Stephan-Boltzmann constant ¢ = 5.76 - 10™° W/(m°K*);

o effective temperature of the environment 6, = 0,.
When the above-mentioned values are introduced, Eq. (2) becomes:

By, = 461-107 -[(0, +273)* = (8, +273)*]. 3)

net,r

3. ISOTHERM 500°C AND BAR TEMPERATURE IN R/C SLABS

In order to analyse the thermal field inside R/C slab sections in fire, calculations
based on finite-element discretization were performed (code LS-DYNA).

Five cases were considered with h (thickness) = 10, 15, 20, 25 and 30 cm. In the
one-dimensional modelling, the discretization of the section was based on square
elements having a 1 cm-side.

Specific heat of concrete was taken according to Fig.1 for a moisture content
equal to 3%. The thermal conductivity of concrete was taken as the average value
shown in Fig.2. All slabs were subjected to standard fire (EC1, 2002) acting on the
bottom face. The heat flux was calculated as a sum of the values obtained
according to Egs. (1) and (3). The temperature of the gas on the cold surface of the
slab was assumed as 20°C, and for this surface the coefficient a. = 9 W/(m’K) was
introduced into Eq.(1) according to EC1 (2002).

Figures 3a-f shows the numerical results. The following parts of Fig. 3 (a-f)
refer to the standard fire duration of 30, 60, 90, 120, 180 and 240 minutes,
respectively.

The right-hand part side of Fig.3 shows the temperature distribution in the
cross-section of a slab as a function of the distance from the hot surface. In each
figure, five diagrams referring to slab thicknesses h = 10, 15, 20, 25 and 30 cm are
shown. The differences among the curves become clear in Figs.3d-f. In Figs.3a-c
all curves are very close.

The left-hand side part of Fig.3 shows the values worked out on the basis of
the diagrams shown in the right-hand side part of the figure: the position a of the
500°C-isotherm, the temperatures of the bars at the distance 3, 5, and 7 cm from
the hot face of the slab and the temperature on the cold face (for a = /). These

284



values are appropriate for all slab thicknesses and for any value of the fire duration
comprised between 30 and 120 minutes, as well as for slab thicknesses h > 15 cm
and for 180 and 240 minutes of the fire duration.

Considering Fig.3 from the practical point of view one can conclude that for
commonly-used values of the slab thickness and for 30-240 minutes of fire
duration, the 500°C-isotherm layout and the temperature in the bars do not depend
on slab thickness, but only on fire duration. Such fact should be introduced into
the codes to simplify the calculations based on the “500°C-Isotherm Method”.

Figure 4 shows a proposal by the Author: in the left-hand side of Fig.4 the
position of the 500°C-isotherm is given. In the right-hand side of Fig.4 the
diagrams for evaluating bar temperature are shown for three values of the distance
a:3,5and 7 cm.

1200
a) Fire duration: t =30 min. 1000

500°C-isotherm at:
asoo = 09cm
Temperatures:
a=3cm—-60=220°C
a=5cm—-0=100°C
a=7cm-0= 60°C Oo 5 10 15 20 25 30
a= h — 9 <200 OC Distance from the slab surface, cm

(for all slab thicknesses)

800

600

Lot

Temperalure, “C

400

L4+

200

1200
b) Fire duration: t = 60 min. 1000

500°C-isotherm at:
asp0 — 2.0 cm
Temperatures:
a=3cm—-0=380°C
a=5cm-60=220°C 200 i
a=7cm—-0=130°C 0 '
?f: h 1 ]_bet}? 2]?() °C ) ° ° Distangg from 1hz1e5slab surfzaie. cm % *
or all slab thicknesses
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=
o]

600 N

400 N

Temperalure, °C

Figures 3a, b — Temperature distribution in the slab cross-sections (heating from
the bottom surface according to standard fire).
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¢) Fire duration: t = 90 min. 1200
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Figures 3c-f — Temperature distribution in the slab cross-sections (heating from the
bottom surface according to standard fire).

286



(a) (b)
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Position of 500°C-isotherm: 100 | /$
Duration of standard fire: C(’J 600 -
t= 30 min.—a500= 1.0cm g 500 - I//A
t= 60 min. —asy =2.0 cm & 400 . / _—*
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0 : 1 ‘
0

60 120 180 240
Standard fire duration, min.

Figure 4 — Recommendation for a simplified evaluation of the temperature in the
bars when using the “500°C-Isotherm Method”: (a) position of the 500°C-
isotherm; and (b) temperature of the reinforcing bars.

4. ISOTHERM 500°C AND TEMPERATURE OF BARS IN R/C BEAMS
4.1. The pattern of the 500°C-isotherm

The analysis of the thermal field inside the cross-section of a R/C beam was
performed in two steps. To calculate the thermal field in the part of the section far
from the heated bottom face, the behaviour of the web of the beam was assumed to
be similar to that of infinite plates (thickness h = 10, 20, 30, 40, 50 and 60 cm)
subjected to a one-dimensional unsteady heat flow on both faces (standard fire).
Needless to say, the thickness of the plate coincides with the width of the section
of the beam (Fig.5). The calculation method, the temperature increase and the
properties of concrete were similar to those described in Chapter 3. Figure 6 shows
the numerical results.

<+

< DISTANCE SHOWN ON HORIZONTAL AXIS IN FIG. 6
—& 1 <— 1/2b=5,10, 15, 20, 25, 30 cm

<

<

<

b=10, 20, 30, 40, 50, 60 cm

e I B e aa

Figure 5 — Infinite plate representing the web of the beam (far from the bottom
heated side).
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a) Fire duration: t = 30 min.

Position of 500°C-isotherm:
for all slab thicknesses:
as00 = 0.9 cm

b) Fire duration: t = 60 min.

Position of 500°C-isotherm:
for b=10 cm — a59;=3.0 cm,
for b>20 cm — aspp = 2.0 cm.

¢) Fire duration: t = 90 min.

Position of 500°C-isotherm:
for b=10 cm — a5y = 0.5b
(the whole cross-section),
for b>20 cm — asgy = 2.8 cm.

d) Fire duration: t = 120 min.

Position of 500°C-isotherm:
for b=10 cm — asoo — 0.5b
(the whole cross-section),
for b=20 cm — asoo = 3.7 cm,
for b>30 cm — a5y = 3.5 cm.
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e) Fire duration: t = 180 min. 1200

1000 %
Position of 500°C-isotherm: © oo B
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. _— 1.9
(the whole cross-section), § 600 o
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for b>40 cm — asgy = 5.7 cm. T 200 =
e
0 I
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Figures 6a-f — Temperature distribution in the half-part of the infinite concrete
vertical plate heated from both sides, representing the web of the beam far from
the bottom heated side.

In the right-hand side parts of Figs.6a-f (standard-fire duration of 30, 60, 90,
120, 180 and 240 minutes, respectively), the vertical axis refers to the temperature
while the horizontal axis refers to the distance from the heated surface (see Fig.5).
Each of Figs. 6a-f shows six diagrams referring to as many values of the thickness.
The longer the duration of the fire, the larger the differences among the curves.

In the left-hand side part of each figure, the position of the 500°C-isotherm is
evaluated from the diagrams. When the width of the section is large enough, the
position of the 500°C-isotherm depends only on fire duration. For instance, for 120
or 180 minutes (Fig.6d-e) the diagrams referring to any width not smaller than 30
cm are very close. When the width is relatively small, even for a rather short fire
duration the temperature in the concrete and the position of the 500°C-isotherm
increase rapidly (see for instance Fig.6b, for # =60 min. and 5 = 10 cm).

In the second step, the two-dimensional unsteady heat flow was calculated in
five cases of very elongated rectangular cross-sections (size '/,b x '/,h = 5x15,
10x30, 15x45, 20x60 and 25x75 cm). They were exposed to high temperature
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along the left vertical side and along the bottom side, while there was no heat flow
across the mean vertical plane (adiabatic conditions), in order to simulate the
corner behaviour in a heated rectangular section (Fig.7). In this way five cross-
sections of beams with infinite depth and width » = 10, 20, 30, 40 and 50 cm were
analysed (heating along the bottom side and along the two vertical opposite sides).

ADIABATIC CONDITIONS
W == / <— h=30,60,90, 120, 150 cm
- / <~ b=10,20,30, 40,50 cm
—t

8vmin

Figure 8 — Three-dimensional model  Figure 9 —The coordinates of the
used in the thermal analysis: example  500°C-isotherm given underneath
with 10 cm section width; heating along  the patterns shown in Fig. 10a-e
the left and bottom faces only. (example with 10 cm-section width).
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The calculation was made by means of the code LS-DYNA, using a two-
dimensional model. It consisted of three dimensional, eight-node finite elements
(side = 1 cm, Fig.8). Concrete moisture content and thermal properties were
introduced with the same values adopted in slab analysis.

Figures 10a-e shows the pattern of the 500°C-isotherm for a standard fire
duration 30, 60, 90, 120, 180 and 240 min. In all cases, at a certain distance from
the bottom face, the 500°C-isotherms become parallel to the vertical sides. (The
heating conditions are the same as in the infinite plates shown in Fig.6).

The coordinates of the 500°C-isotherm are indicated underneath the patterns
shown in Fig. 10 (see Fig.9):

ay is the distance between the 500°C-isotherm and the left cross-section side in
the part of the cross-section where the 500°C-isotherm is parallel to the
vertical side; the values of ay well correspond to those shown in the left-side
part of Fig. 6;

aymin 18 the distance between the 500°C-isotherm and the bottom cross-section
side along the symmetry axis of the cross-section;

ay is the distance between the 500°C-isotherm and the bottom side, resulting
from the calculation of the area (b—a,)x(h—a,)equal to the area of the
part of the cross-section enveloped by the 500°C-isotherm; EC1 (2002)
recommends that the real “reduced” cross-section should be replaced by the
above-defined rectangle.

30 min. 60 min. 90 min.

ax= 09cm |ay= 3.0cm
Aymir=1.4 cm | ay;,;;=5.8 cm
ay= 22cm |ay= 7.2cm

Figure 10a — 500°C-isotherm patterns: cross-section bxh = 10x30 cm ('/,bx'/,h =
5x15 cm); for any value of the fire duration #> 90 min. the temperature of the
whole cross-section exceeds 500°C.
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30 min.

60 min.

90 min.

120 min.

180 min.

240 min.

ax= 0.9 cm
Aymin=0.9 cm
ay= 1.8cm

axy= 2.0cm
Aymin=2.3 cm
ay= 3.6cm

ax= 29cm
Aymin=3.7 cm
ay= 54 cm

ax= 3.7cm
Aymin=5.4 cm
ay= 7.2 cm

ax= 63 cm
aymi=11.4 cm
ay=13.2cm

30 min.

60 min.

90 min.

120 min.

180 min.

Figure 10b — 500°C-isotherm patterns: cross-section bxh = 20x60 cm (l/szl/zh =
10x30 cm).

240 min.

0.9 cm
Aymin=0.9 cm

axy =

ay= 1.7cm

axy= 2.0cm
Aymin=2.0 cm
ay= 3.2cm

ax= 29 cm
Aymin=2.9 cm
ay= 4.3 cm

ax= 3.5cm
Aymin=3.9 cm
ay= 53 cm

ay= 4.7 cm
Aymi= 5.9 cm
ay= 7.7cm

ax= 59cm
Aymi= 8.4 cm
ay=11.5cm

Figure 10c — 500°C-isotherm patterns: cross-section bxA = 30x90 cm (1/2b><1/2h =
15x45 cm).
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30 min.

180 min.

60 min. 90 min. 120 min. 240 min.
ay= 09cm |ay= 20cm |ay= 29cm |ay= 3.5cm |ay= 4.7cm |ay= 59cm
Aymin=0.9 cm | aypi=2.0 cm | aypin=2.9 cm | aymin=3.7 cm | ayu= 5.0 cm | ay= 6.5 cm
ay= 1.6cm |ay= 3.0cm |ay= 40cm |ay= 50cm |ay= 7.1cm |ay= 8.9cm

min.

10 min.

180 min.

Figure 10d — 500°C-isotherm patterns: cross-section bxh = 40x120 cm ('/,bx'/,h =
20x60 cm).

240 min.

60 min.
ax= 09cm |ay= 2.0cm |ax= 29cm |ay= 3.5cm |ay= 4.7cm |ay= 5.9cm
Ayminr=0.9 cm | aymin=2.0 cm | aymin=2.9 cm | ayi=3.7 cm | aymi= 5.0 cm | ay,;,= 6.0 cm
ay= 1.5cm |ay= 28cm |ay= 3.8cm |ay= 47cm |ay= 6.5cm |gy= 8.0cm

Figure 10e — 500°C-isotherm patterns: cross-section bxh = 50x150 cm (‘/,bx'/,h =
25%75 cm).
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Considering Fig.10 one can conclude that the distance between the 500°C-
isotherm and the left vertical side (ay) does not depend on the cross-section width
if this width is 30, 40 or 50 cm. For smaller values of the width (10 and 20 cm),
for any short fire duration the influence of the cross-section width plays no major
role, but for any long-enough fire duration, the values of ay increase rapidly.

Figure 11a shows the distance ay between the 500°C-isotherm and the left
vertical side of the section for various values of the cross-section width against the
standard fire duration. The diagrams are based of the values shown in Fig. 10.

Figure 11b shows similar diagrams, but the values of ay are rounded to the
multiple of 0.5 cm. The values of ay for 5> 30 cm are equal to the values of the
500°C-isotherm range proposed for slabs in Fig. 4. Fig. 11b can be used for a
simplified evaluation of the reduced cross-section width when a beam is calculated
using the “500°C-Isotherm Method”.

Figure 12a shows the distance ay between the 500°C-isotherm and the bottom
side of the section for various cross-section widths against the standard fire
duration. The general shape of the diagrams is similar to those shown in Fig. 11a.
For relatively wide cross-sections (30, 50 and 60 cm) the diagrams are very close.

Figure 12b shows similar diagrams, but — as in the previous case - the values
of ay, are rounded to the multiple of 0.5 cm, to the advantage of simplified
calculations.

a) b)
12 [ [ [ 12 [ [ [
|—&—b=10 cm | —&—Db=10 cm
10 7 _@—b=20 cm 10 7| —e—b=20 cm
8 |{====b=30 cm 8 - =——b230 cm —
§ 6 * —— § 6 at
y A
(é< 4 / (é< 4 //‘%/
A=t =7
0 ! T O T T
0 60 120 180 240 0 60 120 180 240
Time, min. Time, min.

Figure 11 — The distance between the 500°C-isotherm and the vertical side of the
section (ay): (a) numerical results; and (b) proposed simplification.

4.2. Temperature in the reinforcing bars

The calculations described in chapter 4.1 allow to predict the temperature in the

reinforcement as a function of the fire duration, for various values of sectional
width and for various bar positions.
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Figure 12 — The distance ay between the 500°C-isotherm and the bottom side of
the section: (a) numerical results; and (b) proposed simplification.

Figures 13a-e show the thermal field in the corner of a given cross-sections for
six values of the fire duration and five values of the width of the section.

Below each pattern of the isotherms, the temperature is plotted horizontally for
three values of the concrete cover (from the bottom side to the axes of the bars): a
=3, 5, and 7 cm. (These values are commonly found in R/C beams). As should be
expected, corner bars are much hotter than intermediate bars.

Figure 15a shows the temperature of the corner bars for a distance between bar
axis and cross-section side equal 3, 5 and 7 cm. The vertical axis in Fig. 15a shows
the temperature values taken from Fig. 13. The following lines in each figure,
starting from the upper side, refer to the cross-section width 20, 30, 40 and 50 cm
(some of these lines are situated very close to each other). Additionally, in Fig. 15a
referring to @ = 3 cm the temperature calculated for the cross-section width 5 = 10
cm is shown as a broken line.

Figure 15b shows the diagrams of calculated mean temperature of the bars
situated in the middle part of the cross-section (all bars apart from the corner bars).
For calculation of the mean temperature the Author took considered only the
temperature at the points situated between the distance a + 3 cm from left side and
the plane of symmetry (see Fig. 14).

For instance, for a = 5 cm, the temperatures of point situated between the point

at 5+3 =8 cm from the left side and plane of symmetry were taken into
calculation.
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30 min. —ay= 0.9 cm 60 min. — ay= 3.0 cm 90 min. —ay=5.0 cm
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Figure 13a — Section bxh = 10x30 cm (‘b x '/,h = 5x15 cm). ): thermal field
calculated in the corner; and plots of the temperature in horizontal sections
situated at the distance 3, 5, 7 cm from the bottom side.
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Figure 13b — Cross-section bx/ = 20x60 cm (l/zb x 1,h =10x30 cm): thermal field
calculated in the corner; and plots of the temperature in horizontal sections
situated at the distance 3, 5, 7 cm from the bottom side.
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Figure 13¢ — Cross-section bxh = 30x90 cm (‘/2b x '/oh = 15x45 cm): thermal field
calculated in the corner; and plots of the temperature in horizontal sections
situated at the distance 3, 5, 7 cm from the bottom side.

298



30 min. —axy=0.9 cm 60 min. —ay=2.0 cm 90 min. —axy=2.9 cm

1200 1200 1200
—-—3cm: —-—30m: —-—30m:
1000 0 R i e R i
o5 05 [ of

800 800 800

i
00 1% 600 - BO0
400 400 _:k& 400 -

.
200 200 200
0 == 0 H 0 P
] 5 10 15 20 ] 5 10 15 20 ] 5 10 15 20

120 min. —ay=3.5 cm 180 min. —ay=4.7 cm 240 min. —ay=15.9 cm

1200 1o 1200 1200 1
H m—r E—r ' i
—_— H —_— H —_— H
1000 M\ ——7 &l 1000 —— 7 el 1000 ¥Rk —— 7 emf
0§ h 08 = 0§
800 - 800 800
W 1T
] =
600 G600 H G600 3
= I S ==
400 400 & 400
200 200 200 Frr
0 T 0 0
0 5 10 15 20 0 5 10 15 20 0 5 10 15 20

Figure 13d — Cross-section bxk = 40x120 cm ('/,b x '/;h = 20x60 cm): thermal
field calculated in the corner; and plots of the temperature in horizontal sections
situated at the distance 3, 5, 7 cm from the bottom side.

299



30 min. —ay=0.9 cm 60 min. —ay=2.0 cm

90 in. —ax=29cm

I
I
I8
I3
I
13
12
i
2
12
2
7]
I
E
|
13
4
I8
I
E
1
T

1200 1200 1200
—-—g cm —-—g cm —— g cm
1000 i 1000 i 1000 T
og og og
800 800 500 A
BO0 BO0 % BOD 38
400 400 e 400
200 HR e iiiaa 200 200
HH - opi +H
o . FHD 0 &
D5 10 15 20 25 D5 10 15 20 25 D 5 10 15 20 25

120 min. —ay=3.5cm 180 min. —ay=4.7 cm 240 min. —axy=15.9 cm

1200 1 1200 1 1200 11
ki ——im & ——im ' ——3
1000 ——7cm 1000 ——7cm 1000 Hits ——T7m
of of o of
800 800 800 B
= } LT
T
G000 G000 G000
400 400 & 400
200 200 200
0 H 0 ARinsaN o
0 5 10 158 20 25 0 5 10 158 20 25 0 5 10 15 20 25

Figure 13e — Cross-section bxh = 50x150 cm (‘)b x '/;h = 25%75 cm): thermal
field calculated in the corner; and plots of the temperature in horizontal sections
situated at the distance 3, 5, 7 cm from the bottom side.
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Figure 14 — Temperature considered in the calculation of the mean temperature of
middle bars (example with cross-section width b =30 cm, '/,b = 15 cm).

Considering Fig. 15a one can observe that for a =3 cm all the curves are very
close, except the broken curve for b = 10 cm. Similarly for ¢ =5 or 7 cm, where
only the curve for » = 20 cm, ¢ > 180 minutes looks different. From a practical
point of view, it is useful to replace the curves situated very close to each other
with a single curve, as shown in Fig. 16a.

Considering Fig. 15b one can observe that all diagrams are very close, except
the diagram referring to » = 20 cm. It means that for » > 30 cm the temperature of
bars can be estimated based on one single diagram. Fig. 16b shows these
diagrams. Additionally, Fig. 16b shows (broken curves) Author’s proposal for
evaluating the temperature of the corner bars.

Based on Fig. 16b one can estimate bar temperature against the distance
between its axis and the lateral side, as a function of fire duration.

Bold broken curves refer to the temperature of the corner bars. However for
b=10 cm the temperature estimated according to Author’s proposal is
underestimated by about 50°C. Therefore the proposed diagrams can be used only
for the values of b > 15 cm. A smaller cross-section width, however, occurs very
rarely.

Bold curves refer to the temperature of the bars situated in the middle part of
the cross-section. These curves can be used for any widths b exceeding 30 cm.

For any width 15<5b <30 cm, the temperature of the bars situated in the
middle part of the cross-section should be interpolated between the values
estimated on the basis of the broken curve (when 4 = 15 cm) and of the solid curve
(when b =30 cm). For a = 3 cm this proposal gives adequate results. However for
a =5 cm the results are a little bit underestimated and for ¢ = 7 cm the results are
overestimated by about 70-100°C. Hence, a further modification is proposed.
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Fig. 15 — Temperature of the bars for various values of the distance a between the
axis of the bars and the bottom side of the section, and for various values of the

sectional width: (a) corner bars; and (b) middle bars (all bars except the corner
ones).
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Fig. 16 — Proposed simplified curves for estimating the temperature of the bars for
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the section, and for various values of the sectional width: (a) corner bars; and (b)
middle and corner bars.
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For any width of a beam 15 < b < 20 cm, the temperature in the intermediate
bars should be estimated on the basis of the broken curve. For any value
20 < b <30 cm, an interpolation should be made between the broken curve (when
b =20 cm) and the solid curve (when b =30 cm). For » > 30 cm the temperature
in the intermediate bars should be estimated on the basis of the solid curve.

5. RECOMMENDATIONS
5.1. R/C Slabs

Recommendations for identifying the “effective” or “reduced” section of concrete
and for evaluating the temperature in the reinforcing bars of R/C slabs using the
“500°C-Isotherm Method” are given in Fig 4. These recommendations are valid
when the slab thickness is:

e ) >5 cm for standard fire duration t < 60 minutes;,

e /> 10 cm for standard fire duration t < 120 minutes;

e /> 15 cm for standard fire duration t < 240 minutes.

5.2. R/C Beams

Recommendations for identifying the “effective” or “reduced” section of concrete
and for evaluating the temperature in the reinforcing bars of R/C beams using the
“500°C-Isotherm Method” are given in Figs. 11b, 12b and 16b. Alternatively, the
simplified curves of Figs.17 and 18 may be used.

In Fig. 17 the parameters ay and ay are plotted as a function of the fire
duration; the width and the depth of the reduced cross-section can be obtained as
follows.

In the case i/b > 2:

e width of the reduced cross-section: b,.; = b — 2ay;
e depth of the reduced cross-section: /,.s = h — 2ay.

In the case A/b < 1, for calculating the reduced cross-section width one should
take ay instead of ay (it means that b,.,= b — 2ay). In the case 1 <h/b<2, an
interpolation is necessary in order to obtain the reduced cross-section width.

Figure 18 gives recommendations for evaluating the temperature of the bars at
the distance a between the bar axis and the surface of the member (a =3, 5, 7 cm).
This recommendation can be used for any beams with a width 5 > 15 cm.

6. CONCLUDING REMARKS

The 500°C-Isotherm Method” is based on two clearly-defined assumptions: (1) the
part of the concrete section that is enveloped by the 500°C-isotherm is fully active
(mechanical properties as in virgin conditions), and the part of the concrete outside
the 500°C-isotherm is neglected (totally damaged concrete); and (2) the rein-
forcement has the mechanical properties corresponding to its actual temperature.
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Fig. 17 — Position of the 500°C-isotherm in R/C beams (ay — measured from the
lateral side, and ay — measured from the bottom side).

In spite of its conceptual simplicity, the “500°C-Isotherm Method” is not really
“simple” because it requires rather time-consuming computational efforts for
calculating the thermal field in the cross-section of the given structural member.

In practice, for calculating the thermal field, the materials properties provided
by the codes are usually used and the only variable parameters are the dimensions
of the cross-section.

The parametric analyses carried out by the Author made it possible to work
out a set of diagrams, which simplify the evaluation (1) of the size of the reduced
cross-sections, and (2) of the temperature in the reinforcing bars. These diagrams
can be useful in the design of R/C beams and slabs using the “500°C-Isotherm
Method”, as time-consuming calculations are no longer necessary for the
assessment of the thermal field in the case of unsteady heat flows.

One should remember, however, that the results presented in this paper refer to
the materials properties provided by the Eurocodes, whose values apply to
ordinary concrete and are hardly suitable for some of the most recent and
innovative cementitious composites.
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La Scuola F.lli Pesenti — Politecnico di Milano

fine anno accademico 2009-2010 ed inizio 2010-2011
decimo anniversario dell'attivazione dei Corsi di Master

La consueta appendice a “Studies and Researches” sulle iniziative di maggior rilievo della
Scuola, durante 'anno accademico appena concluso (2009-2010), presenta qui di seguito
un ampio quadro del cammino della Scuola, che ha da poco iniziato il decimo anno di
attivita come Scuola Master (2010-2011).

Si apre infatti con la rassegna di “fotografie storiche e di attualita”, a testimonianza del
lungo e articolato cammino dell'istituzione, seguite poi dalle consuete notizie sull'anno
appena terminato e dai sommari delle migliori tesi discusse allesame di Diploma del
Master.

L’appendice si articola quindi nelle tre seguenti parti:

1. Storia e attualita della Scuola “F.lli Pesenti”: breve rassegna

2. Attivita collaterali della Scuola, a favore della diffusione internazionale
ed allinnovazione dell’offerta didattica

3. Tesi di Master discusse nei due appelli, rispettivamente del 27 ottobre
e del 16 dicembre 2010, per I'esame di Diploma
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1. Storia e attualita della Scuola F.lli Pesenti

> oo @ e

1927: data storica per la R. Scuola
d’Ingegneria (R. Politecnico) Milano

* Nuova sede in P.zza Leonardo da Vinci

Sen. prof.
ing.Gaudenzio Fantoli —
Direttore del Politecnico

¢ Istituzione della FONDAZIONE F.LLI PESENTI per I’attuazione della
“Scuola di Specializzazione
per le Costruzioni in Cemento Armato”
presso I'Istituto di Ponti e Grandi Strutture Speciali

@) iizicomenti

1981: inizia la pubblicazione dei Volumi “ATTI RICERCHE STUDI”

Pubblicazione curata e impostata dal prof. Luigi Santarella (titolare del
corso di Costruzioni Civili — Ponti - Fondazioni) per la divulgazione delle
attivita della Scuola, sia da un punto di vista prettamente didattico, sia
come centro di ricerca.
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La didattica della Scuola viene soddisfatta attraverso l'istituzione di vari Corsi, negli
anni continuamente aggiornati e incrementati nellintento di ottemperare agli scopi e
alle necessarie innovazioni che le costruzioni in cemento armato richiedevano.

Si ricordano, tra gli altri, alcuni docenti della Scuola di quegli anni tra cui, oltre al gia
citato prof. Santarella:

prof. G. Albenga
prof. O. Belluzzi
prof. A. Danusso
prof. E. Giangreco
prof. P. Locatelli
prof. R. Morandi
prof. G. Oberti
prof. L. Stabilini

ouTEcNIco R
| WILANO @ Imalcamenti

Arricchimento dei singoli corsi offerti come testimonianza dell’evoluzione della Scuola: gia
nel '49 il prof. Stabilini affronta il problema del progressivo cambiamento degli scopi della
Scuola, da quelli iniziali di divulgazione delle possibilita del cemento armato a quelli sempre
piu di specifico perfezionamento, in cui devono essere trattati problemi e teorie che non
trovano posto negli usuali corsi politecnici.

Questa “mission” viene affrontata anche con una sempre pil numerosa offerta di
conferenze pubblicate nei volumi degli Atti della Scuola, tenute da personalita di livello
internazionale quali:

F. Von Emperger (1937) R. Morandi (1963)
G.Colonnetti (1954) V. Franciosi
Y. Guyon (1951) E. Giangreco

C. Massonet (1963)
E. Torroja (1953)

W | AV
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DI RILANG

Innovazione e internazionalizzazione

Significato delle conferenze scelte per la
celebrazione del cinquantenario:

Negli anni '70 si assiste alla “globalizzazione”
dei metodi automatici per il calcolo delle
strutture, in particolare FEM e FEA, alla fine
degli anni '70 vengono proposte le prime

applicazioni di tali metodi alle strutture in c.a.

Il prof. SCORDELIS dell’'Universita’ di
Berkeley, in particolare, allora poteva essere
considerato pioniere del metodo.

Insieme ai proff. BAZANT (Northwestern Univ.)
e SCHNOBRICH (Urbana-lllinois. Univ.)

Vengono alla Scuola F.lli Pesenti per tenere un
ciclo di seminari in occasione del 50° anno
della fondazione

D, PoLITECKICO

Cammino istituzionale e trasformazioni

della Scuola F.lli Pesenti

I Direttore prof. Dei Poli rafforza I’attivita’ di Centro di Studi e Ricerche

« 1987: D.P.R. - G.U. n°135 - la Scuola viene ufficializzata come
Scuola di Specializzazione nello Sta