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Foreword

The end of 2009, marked by the highly-controversial conference of Copenhagen about
climate changes, recalls everybody that stopping and reversing the trend of global warming
is still a top - albeit rather elusive - priority for Mankind. It is true that this priority has been
recognized since Kyoto in the nineties of the past century, but the limited results so far
achieved have been mostly wiped out by the burgeoning economies of a few large
developing countries, as well as by the reluctance of the most industrialized countries to be
involved in the risks — and opportunities - of Green Economy and Green Industry. As a
matter of fact, Green Industry requires a lot of investments in new technologies, a thrifty
use of natural riches, and a change in the mind-set of both most-developed and least-
developed nations (both should limit their expectations!).

Within the highly-demanding framework of Green Economy/Green Industry, however, the
World of the Constructions is ready to give a number of badly-needed answers, that are
based on the enormous and valuable experience accumulated in the reconstruction of
entire cities (since World War 2), in the construction of new facilities, industries and
infrastructures (in both developed and emerging countries), in the extension of informatics
to design and planning, and in the development of new efficient materials.

As a matter of fact, in the last decades the focus has shifted from straight structural
resistance to structural safety and durability, and — more recently — to sustainability,
something not easily accepted in rather traditional countries like Italy, where concrete - to
quote one of the most-extensively used structural materials — was considered for many
decades as an everlasting and rather nature-friendly material. Even stones, however, are
prone to weathering, and so concrete and reinforced concrete! Furthermore, aggregates
are extracted from land-scarring quarries and energy-hungry klinker production releases an
awful amount of carbon dioxide in the atmosphere, something that is forcing the Industry to
look for less energy-demanding materials (either cementitious or not).

LY

Durability and sustainability have brought in new pass-words, like “life-cycle”, “cost-benefit
ratio”, “eco-compatibility”, “green design”, “reuse”, “recycling”, “footprint reduction”, “staging-
area minimization®, “Albedo level” (= level of solar-light reflection), “energy reduction”,
“‘thermal-mass principles”, “regional priority”, “pervious materials’,..... The underlying
concepts are having a sizable impact on both building materials and structural design, even

though to-day’s research activity is mostly focused on materials.

As a matter of fact, structural materials — either innovative or not — take the lion’s share with
reference to (a) existing structures (= repair, strengthening, rehabilitation); (b) future
structures (= functional flexibility, durability, footprint reduction, energy saving); and (c)
production and transportation technologies (= from the quarry to the building site, in the
case of concrete, which implies “regional priorities”). More specifically:

e  Existing structures: since demolition and reconstruction are expensive and often critical
in terms of environmental impact (especially in congested or historical areas), new




materials (like fiber-reinforced polymers and high/ultra high-performance cementitious
composites) are increasingly used for structural strengthening/rehabilitation/protection,
as well as for improving structural resistance to severe environmental conditions (=
seismic loads, impact, vibrations, high temperature).

e Future structures: since durability is one of the keywords, the conception and
production of “engineered materials” (i.e. artificial materials “tailored” according to
specific needs) are in progress, to guarantee an appropriate useful life without major
maintenance requirements, often in constructions subjected to extreme environmental
conditions (= fire, cryogenic temperatures, radiations, earthquakes).

e Production and transportation technologies: future structures should be “sustainable”,
or — in other terms — should be designed and built in such a way that not only their
performance be adequate (= safety and durability), but their impact on the
environment — and on the Society as a whole — be minimal (= reduction of carbon-
dioxide emissions during materials production; reuse of in-situ waste materials;
recycling of industrial by-products; minimization of the staging areas; respect of the
time schedule of the various activities in the building site; choice of the materials and of
the structural members on the basis of their availability close to the building site; .....).
The many factors that make a structure “sustainable” are taken care of in the recently-
proposed LEED system (Leadership in Energy and Environmental Design) aimed at
the rating of the constructions according to their evironmental/societal impact.

Many of the above-mentioned topics are addressed in the twelve technical papers and
three technical notes published in this volume, as a further demonstration of the continuous
involvement of Structural and Materials Engineering in the safety, durability and
sustainability of our R/C constructions.

Three papers (1, 2 and 6) are devoted to concrete constitutive behavior under multi-axial
compression, after tensile cracking and at high temperature.

Three papers and one note (4, 5, 9 and 14) are about some highly-debated structural
problems (slab punching, stability of un-notched/notched columns and slabs in bending).

Three papers (3, 10 and 12) are focused on the seismic behavior of coupling beams,
columns and post-installed metal anchors.

Three papers and one note (7, 8, 11 and 13) deal with the effects of severe environmental
conditions (post-fire repair, corrosion in P/C beams, cover delamination in R/C beams and
concrete protection by means of special chemical products).

Last but not least, one note (15) treats a very general problem, i.e. how to optimize the
procedure to assess the damage in architecturally-valuable weathered high-rise buildings.

As usual, the news of the School “Fratelli Pesenti” end this volume.
Milan, December 2009

Pietro G. Gambarova and Antonio Migliacci



Premessa

La conclusione del 2009, segnata dalla tanto discussa conferenza di Copenhagen sui
cambiamenti climatici, € un monito per tutti sul dovere prioritario — anche se di non facile
attuazione - di fermare (o almeno ridurre) la tendenza al riscaldamento globale. E’ pur vero
che questa priorita & stata riconosciuta fin dalla convenzione di Kyoto negli anni novanta
del secolo passato, ma i limitati risultati raggiunti da allora sono stati pressoché totalmente
spazzati via dallimpetuoso sviluppo economico di alcuni grandi paesi, cosi come dalla
riluttanza dei paesi piu industrializzati a lasciarsi coinvolgere nei rischi — e nelle opportunita
- del’Economia e dell'lndustria eco-compatibili. In effetti, I'Industria “verde” richiede grandi
investimenti in nuove tecnologie, I'uso parsimonioso delle ricchezze naturali e la
conversione nel modo di pensare dei paesi sia pil sviluppati, che meno sviluppati, con
I'obiettivo comune di porre limiti alle proprie aspettative di sviluppo.

In risposta alle esigenze del’Economia e dell'Industria eco-compatibili, ii Mondo delle
Costruzioni si sta attrezzando su vari fronti, forte dell’enorme esperienza maturata nella
ricostruzione di intere citta (nel secondo dopoguerra), nella costruzione di nuove industrie
ed infrastrutture (in pressoché tutti i paesi), nellimpiego generalizzato dell'informatica a fini
di pianificazione e progettazione, € nello sviluppo di materiali sempre piu efficienti.

In tale contesto, gli ultimi decenni hanno visto il centro degli interessi spostarsi dalla pura
resistenza meccanica alla sicurezza ed alla durabilita strutturale, e — piu recentemente -
alla sostenibilita, con qualche problema di adattamento in paesi piuttosto tradizionali come
I'ltalia, dove il calcestruzzo — ad esempio - € stato considerato da sempre come “eterno” e
compatibile con I'ambiente naturale. Cosi non é! Senza nulla togliere ai pregi del
calcestruzzo, € ormai riconosciuto come tale materiale si deteriori né pit né meno delle
pietre naturali. Inoltre, limpatto delle cave sul territorio ed il consumo energetico nella
produzione del cemento, unito allemissione di anidride carbonica, spingono sempre piu
verso lo sviluppo di conglomerati cementizi ultraperformanti e di materiali alternativi.

La durabilita e la sostenibilita hanno portato all’introduzione di nuove parole-chiave, come
‘ciclo di vita’, ‘rapporto costo-benefici”, “compatibilita ambientale’, “progettazione
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ecologica”, “riutilizzo”, “riciclo”, “riduzione dell'impatto locale”, “minimizzazione delle zone di
cantiere”, “riflettanza”, ‘“risparmio energetico”’, “inerzia termica”, “priorita locali’, “materiali
permeabili”, .....). Questi concetti stanno avendo un notevole impatto sullo sviluppo dei
materiali da costruzione ed anche sulla progettazione strutturale, sebbene I'orientamento

attuale della ricerca sia sopratutto focalizzato sui materiali.

In effetti, i materiali strutturali continuano a giocare un ruolo predominante in riferimento a:
(a) costruzioni esistenti (= ripristino, rinforzo ed adeguamento); (b) costruzioni future (=
flessibilita funzionale, durabilita, riduzione dellimpatto locale, risparmio energetico); e (c)
tecnologie di produzione e movimentazione (= dalla cava al cantiere, nel caso del
calcestruzzo). In dettaglio:

o Costruzioni esistenti: il costo e la criticita (specialmente in aree urbanizzate o di
interesse storico) della demolizione e ricostruzione di edifici esistenti propongono




sempre piu spesso il ricupero di tali edifici, richiedendo a tal fine I'uso di materiali
innovativi (quali polimeri fibrorinforzati e conglomerati cementizi ad alte/altissime
prestazioni) per rafforzare/adeguare/proteggere, anche a fronte di condizioni
ambientali gravose (= carichi sismici, impatto, vibrazioni, alta temperatura).

Costruzioni future: la durabilita richiede sempre piu di progettare, produrre ed
impiegare materiali “ingegnerizzati” (cioé materiali artificiali “ritagliati” su specifiche
esigenze), al fine di garantire un'adeguata vita strutturale utile, senza necessita di
gravosi interventi manutentivi, pur in presenza spesso di condizioni ambientali estreme
(= incendio, bassissime temperature, radiazioni, sismicita).

Tecnologie di produzione e movimentazione: le costruzioni future dovranno essere
“sostenibili”, cioe progettate e costruite in modo tale da garantire non solo prestazioni
adeguate (= sicurezza e durabilitd), ma anche ridotto impatto sul’ambiente — e sulla
Societa nel suo complesso (= riduzione delle emissioni di anidride carbonica durante
la produzione dei materiali; riutilizzo dei materiali risultanti dalle demolizioni; riciclo di
sottoprodotti industriali; riduzione delle aree di cantiere; controllo dei tempi di
costruzione; scelta dei materiali e delle tecniche costruttive sulla base della loro
disponibilita vicino al cantiere; .....). | molti fattori che rendono una costruzione
‘sostenibile” sono stati introdotti nel sistema di valutazione LEED (Leadership in
Energy and Environmental Design), recentemente proposto negli USA per valutare le
costruzioni sulla base del loro impatto socio/ambientale.

Molti degli argomenti appena menzionati sono trattati nelle dodici note scientifiche e nelle
tre note tecniche pubblicate in questo volume, il che & un'ulteriore dimostrazione del
continuo coinvolgimento dell'lngegneria Strutturale e delle Scienze dei Materiali nella
sicurezza, durabilita e sostenibilita delle costruzioni in calcestruzzo armato. In particolare:

tre note (1, 2 e 6) sono dedicate al comportamento costitutivo del calcestruzzo
(compressione pluriassiale e monoassiale, ed alta temperatura);

quattro note (4, 5, 9 e 14) trattano aspetti strutturali di grande interesse (punzo-
namento, stabilita di colonne integre ed intagliate, collasso a flessione delle piastre);
tre note (3, 10 e 12) riguardano il comportamento sismico delle travi di accoppiamento,
delle colonne e degli ancoraggi metallici post-installati;

quattro note (7, 8, 11 e 13) considerano gli effetti su materiali e strutture di condizioni
ambientali gravose (ripristino dopo incendio, corrosione negli elementi precompressi,
perdita del copriferro e protezione del calcestruzzo con speciali prodotti chimici);

una nota (15) affronta il problema molto generale dell'ottimizzazione delle procedure di
valutazione del danno in edifici alti di notevole pregio architettonico, a seguito di
esposizione agli agenti atmosferici.

Come d’uso, le notizie sulla Scuola “Fratelli Pesenti” terminano il volume.
Milano, Dicembre 2009

Pietro G. Gambarova and Antonio Migliacci

(Questa premessa € ripresa ed ampliata nell’'editoriale a pagina 367)



Technical Papers






STUDIES AND RESEARCHES - V29, 2009
Graduate School in Concrete Structures — Fratelli Pesenti
Politecnico di Milano, Italy

STRESS-STRAIN RELATIONSHIP FOR
STEEL FIBER-REINFORCED SELF-CONSOLIDATING
CONCRETE UNDER MULTIAXIAL COMPRESSION

Bernardino Chiaia', Alessandro P. Fantilli®, Paolo Vallini®

ABSTRACT

The results of a number of multiaxial compression tests performed on cylinders
made of self-consolidating concrete (SCC), with and without steel fibers, are
presented in this paper. In the experimental campaign, four “reference” confining
pressures (0, 1, 3 and 10 MPa) were applied on the lateral surface of the
specimens. After the first stage of loading, when a hydraulic stress was applied to
the cylinders, and progressively increased up to a pre-established confining
pressure, a longitudinal compressive load was applied as well, up to concrete
failure by crushing. The stress-strain relationships of different SCCs, measured
with the aid of local transducers, show the increase of concrete strength, and of the
corresponding strain, with the confining pressure. However, compared to the
values measured in ordinary (vibrated) concrete, the strains at the peak stress are
higher in self-consolidating concrete. In addition, the test results give indications
on how to modify the stress-strain relationships formulated so far for ordinary
concrete, in the case of SCC subjected to multiaxial compression. To this end, by
using the Colonnetti’s theory of “elastic coactions”, a new formulation of the well-
known Sargin’s relationship is proposed in the paper.

!Professor, > Assistant Professor, * Associate Professor
Department of Structural and Geotechnical Engineering
Politecnico di Torino, Torino (Italy).
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1. INTRODUCTION

The stress-strain relationships of concrete and other quasi-brittle materials under
uniaxial compression can be divided into two parts (Fig.1a). In the first part, when
the nominal stress of concrete o, is lower than the strength f; o (and the strain g is
lower than g ), the specimen can be considered undamaged. In the case of plain
concrete, the ascending branch of the c.-g. curve can be defined by the Sargin’s
relationship, already proposed by CEB-FIP Model Code (CEB, 1993). As soon as
€. > €., localized damage develops and strain softening begins (van Mier, 1984).
In this phase, there is the formation of either a system of longitudinal cracks
(parallel to the applied load) or an inclined cracked band, which subdivides the
specimen into two progressively-sliding blocks. In the latter case (Fig.1b), the
angle between the vertical axis of the specimen and the sliding surfaces a is close
to 18° (van Mier, 1984; Jansen and Shah, 1997), as confirmed by the Mohr-
Coulomb failure criterion, if the ratio between the tensile strength and the
compression strength is assumed to be 1/10 (/4= 0.1 .0 ).

The inelastic displacements of the specimen, and the ensuing sliding of the
blocks along the sliding surface (Fig.1b), are the parameters governing the mean
post-peak compressive strain €. of the specimen. They have to be considered as the
kinematical variables of a fictitious crack model, similar to that already introduced
by Hillerborg et al. (1976) for describing strain localization in tension. For
instance, Fantilli et al. (2007) proposed different stress-inelastic displacement
relationships for the post-peak branch of ordinary and high performance concrete
under uniaxial compression.

0 ‘HHHHV a

a)

&c

Bt 2k
o fHiHHH
Figure 1 — Concrete cylinders subjected to uniaxial compression: (a) stress-strain
relationship c.-&.; and (b) onset of strain localization.
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In the literature, several models have been proposed for the mechanical
response of ordinary confined concrete. In accordance with Lokuge et al. (2005),
the existing stress-strain relationships can be divided into three groups: some
models use the relationship proposed by Sargin, other models are based on the
equations introduced by Kent and Park, and, finally, the third group includes the
formulations suggested by Popovics.

The effectiveness of such relationships is not always well-founded, because the
results obtained for ordinary concrete cannot be directly extended to self-
consolidating concrete (SCC) and to fiber-reinforced concrete (FRC). For instance,
in several experimental campaigns (Paultre et al., 2005; Ganesan and Ramana
Murthy, 1990), the mechanical response of confined columns appeared strongly
dependent on the type of concrete.

Moreover, laboratory conditions, and in particular the types of confinement
(active or passive), also affect the shape of the stress-strain curve of concrete in
compression.

Passive confinement, provided by lateral reinforcement (e.g., stirrups, pipes
and spirals, made of steel or carbon composites), is only activated by the lateral
dilation of concrete. Thus, to obtain the stress-strain relationship under multiaxial
compression, the axial stress-lateral strain relationship of concrete must be defined
in advance.

Conversely, in the case of active confinement, it is not necessary to know
concrete dilations. In fact, the confining pressure, applied to cubes (in one or two
directions) or cylinders (in triaxial tests), is directly controlled by the operator (see
the state-of-art study by van Mier, 1996). Nevertheless, such tests are rarely found
in the domain of cement-based composites. Only the complete stress-strain curves
of a micro-concrete (triaxial tests by Jamet et al., 1984) are reported in the
literature. No tests of this type have been so far carried out on self-consolidating
concrete, with or without steel fibers.

2. TRIAXIAL TESTS

The mechanical behavior of SCC under multiaxial compressions is here
investigated through a series of triaxial tests performed in the Department of
Structural and Geotechnical Engineering (Dlsaster Planning LABoratory -
DIPLAB) of Politecnico di Torino (Italy).

2.1 Experimental set-up
The experimental equipment, named HTPA (High Pressure Triaxial Apparatus), is
generally used to test cylindrical specimens made of soft rocks, or normal-strength

concrete, under confined compression. HPTA is composed by the following parts
(Fig. 2, Barla et al., 2007):

13



Figure 2 — The High Triaxial Test Apparatus (HPTA) used to test SCC under
multiaxial compression.

®
®

©O

Triaxial cell, where the specimen, jacketed in a rubber membrane
(to separate the concrete from silicone oil at pressure o3), is
placed.

Loading machine, connected to a load cell of 250 kN (£ 60 N),
which applies the longitudinal load P on the cylinder (Fig.3a).
Each test is conducted by controlling the axial displacement of
specimen end sections.

Hydraulic actuators, which control the cell pressure (i.e., the
pressure of the silicone oil within the triaxial cell) and the back
pressure o, (i.e., the pressure of the water contained into the
specimen). The maximum value of the cell pressure is o3 =
64 MPa (% 16 kPa), whereas the maximum back pressure is G, =
32 MPa (£8 kPa). In the case of geo-materials, the triaxial tests
can be performed on drained or saturated specimens. In the first
case (that is also the case of concrete), the back pressures (i.e., the
pressure of the water contained inside the specimen) is kept equal
to o, = 0 MPa, whereas in all the other cases o}, > 0 MPa.
Digital-measurement system, which records the values of the load
P, of the confinement stresses o3, and of the external and local
displacements. The external displacements are those measured
between of the press (maximum relative displacement 100
mm =1 pum). The local displacements of the gauges /5, and /g, are
measured by means of two linear variable differential transducers

14
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(LVDTs; maximum displacement 5 mm+0.5 pum), set on the
cylinder surface along its vertical axis (Fig.3a). The LVDTs are
designed on purpose to work in an environment filled with silicon
oil, and are attached either to concrete surface (in the case of no
pressure = unconfined tests), or to the rubber jacket (in the case of
confined tests with confining pressure). In the latter case, the
presence of o3 > 0MPa guarantees a relatively high friction on the
membrane-to-concrete interface; hence, no slip occurs between the
rubber jacket and the concrete. In other words, the displacements
measured by the LVDTs on the rubber membrane coincide with
concrete displacements. Another LVDT (not used in this project,
and provided with a circular belt) can be placed around the mid-
span section, to measure the hoop displacement, which in turn is
related to the radial displacement.

Hydraulic tanks, which contain water (to control the back
pressure) and silicon oil (to control the confining pressure).

2.2 Specimens and experimental procedure

Two self-consolidating concretes (named SC-mix 1 and SC-mix 2, respectively)
have been investigated. Their constituents and strengths are reported in Table 1.
The two self-consolidating concretes have the same mass per unit volume, but
different amounts of aggregates.

a)
LVDT 1

IB1

LVDT 2
o
4T D < Fa)
7
< <
4 A
a <
a
< <
‘ “ a7 a
<
<
4
< 4 Y D~ )
4 i -
< Y. <
\\—d—’/ 4

Figure 3 — The application of the load P: (a) positions of the LVDTs; and
(b) local and global displacements.
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Compared to SC-mix 1, in a cube meter of SC-mix 2 the content of carbonate
filler is increased by 9 kg and at the same time the mass of coarse aggregate is
reduced by the same quantity, in order to keep the mass constant.

Dramix RC 65/35 BN steel fibers (length L =35 mm; diameter ® = 0.55 mm),
having hooked ends and indicated with the acronym SF, were added to the self-
consolidating concrete in the proportion of 35 kg/m’ (volume fraction V= 0.45%,
Reinforced index RI = 28.8%) or 70 kg/m’ (V= 0.9%, RI = 57.6%).

Five series of specimens, each composed by four cylinders (height H = 140 mm
and diameter D = 70 mm), were cast using the concretes reported in Table 1. Eight
cylinders were made of SC-mix 1 and twelve cylinders were made of SC-mix 2.
The specimens of each series were cast simultaneously in polystyrene form, then
cured for one week under identical laboratory conditions, and finally tested one
month later.

The characteristics of the specimens — that are indicated with an alphanumeric
acronym - are reported in Table 2. In the acronym (second column), the first digits
(one or two) refer to the fiber content (0, 35 or 70 kg/m®), while the last digits (one
or two) refer to confining pressure (0, 1, 3 or 10 MPa). The last letter “b” identifies
the specimens made with SC-mix 2 (there is no letter for those made of SC-mix 1).

It should be observed that a series of cylinders made of SC-mix 1 with 70kg/m’
of steel fibers has not been considered in the present work. This composite showed
a reduced workability, and did not guarantee the smoothness of the lateral surface
of the cylinders. The absence of micro-holes and cavities on the surfaces is a
necessary condition to avoid leakages in the rubber membrane, when the confining
pressure is applied.

SC-mix 1 SC-mix 2
Constituents kg/m’ kg/m’
Water 180 180
Superplasticizer
(Addiment Compactcrete 39/T100) 4.49 4.49
Cement
(Buzzi Unicem II/A-LL 42.5 R) 250 250
Carbonate filler (Nicem Carb VG1-2) 330 380
Fine aggregate (0+4 mm) 910 910
Coarse aggregate (6.3+12 mm)) 650 600
| Cubic strength -MPa- | 311 | 304 |

Table 1 — Composition and strength of SC-mix 1 and SC-mix 2.
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H D Type of o3 SF

Series | Specimen (mm) (mm) concrete (MPa) (kg/m’)
0SCO 140 70 SC-mix 1 0 0
| 0SC1 140 70 SC-mix 1 1 0
0SC3 140 70 SC-mix 1 3 0
0SC10 140 70 SC-mix 1 10 0
0SCOb 140 70 SC-mix 2 0 0
) 0SCl1b 140 70 SC-mix 2 1 0
0SC3b 140 70 SC-mix 2 3 0
0SC10b 140 70 SC-mix 2 10 0
35SC0 140 70 SC-mix 1 0 35
3 35SC1 140 70 SC-mix 1 1 35
35SC3 140 70 SC-mix 1 3 35
35SC10 140 70 SC-mix 1 10 35
35SCO0b 140 70 SC-mix 2 0 35
4 35SC1b 140 70 SC-mix 2 1 35
35SC3b 140 70 SC-mix 2 3 35
35SC10b 140 70 SC-mix 2 10 35
70SCOb 140 70 SC-mix 2 0 70
5 70SC1b 140 70 SC-mix 2 1 70
70SC3b 140 70 SC-mix 2 3 70
70SC10b 140 70 SC-mix 2 10 70

Table 2 — The cylindrical specimens tested in triaxial compression.

Each triaxial test is carried out in drained conditions (o, = 0) and consists of
two stages. In the first stage the specimen is simply loaded by a hydrostatic stress
(which coincides with the pre-established pressure o3) generated by the silicone
oil contained in the triaxial cell (Fig.4a). Four were the values of the oil pressure
(03 = 0 MPa; o; = 1 MPa, reached in about 10 minutes; o; = 3 MPa, reached in
about 30 minutes; and o3 = 10 MPa, reached in about 60 minutes). Afterwards, a
longitudinal compressive load P was applied, according to a displacement-
controlled procedure (displacement rate = 37 um per minute). In this second stage
(Fig.4b), the lateral surface is under a constant pressure o; and the longitudinal
stress o, consists of two contributions:

(D

O'CZO'3+

zD?
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Figure 4 — Two-phase loading: (a) lateral pressure; and (b) axial load.

During the first stage of loading (Fig.4a), the values of o5 have been recorded
every ten seconds. With the same time interval, the loads and the local/global
displacements (Alg;, Alg, / AH, respectively) have been recorded during the
second loading stage (Fig.3b). The maximum admissible contraction of the
specimen was fixed to AH = 14 mm (g. = 10%).

3. EXPERIMENTAL RESULTS

Under triaxial compression, the diagram o.-g. consists of three parts (Fig.5). In the
first part, corresponding to the first stage of loading (Fig.4a), the hydrostatic
stresses are applied to the specimen. During this stage, the local displacements of
the gauges /; and /g, are very small and cannot be accurately measured by the
LVDTs glued to the external surface (Fig.3b).

The nominal strain g, can be obtained from the volume variation AV of the
specimen (which should be equal to the volume variation of the silicone oil inside
the triaxial cell) by applying the formula (Corradi Dell’ Acqua, 1992):

AV
e =1-31-22 2
e v ()

where V' and AV are the initial volume and the volume variation of the specimen,
respectively.
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Figure 5 — The typical shape of the stress-strain relationship.

Similarly to Alg; and Alg,, the measured values of A} are not reliable, because
of the unavoidable presence of air inside the cell. As a matter of fact, during the
hydrostatic loading of a specimen (for instance that of the Specimen 35SC3b
reported in Fig.6), the confining pressure 63 does not increase proportionally with
time (al least in the first part of the o;3-time plot). Although the air inside the cell
does not alter the results of the triaxial tests, this air makes Eq.(2) useless for
evaluating ..

For the above-mentioned reasons, only with the following formula, which
comes from the theory of elasticity (Corradi Dell’ Acqua, 1992), the concrete strain
can be evaluated:

— S (1-2)=072 3
g =5 (1=2v)=07— 3)

where the Poisson’s ratio is assumed to be v =0.15. As shown in Fig.5, gy is the
maximum strain reached at the end of the first loading stage.

In the ascending branch of the second loading stage (€. <&, <€ ), the nominal
stresses are always computed by means of Eq.(1), whereas the nominal strains are
evaluated from the local displacements Alg; and Alg, (Fig.3):
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Figure 6 — The hydrostatic pressure in Specimen 35SC3b.

¢ = l(% N %J (4)
2 ZB] lBZ

In the ascending branch of the o.-e. curve, the global displacements of
specimen end sections are not taken into consideration. For small values of P, the
surface conditions of the cylinders, as well as the axial clearance of the load
machine, markedly affect the values of AH. Conversely, in the descending branch,
when ¢, is higher than the value €. (reached at the peak stress f.), the nominal
strain can be computed by means of the following equation (Fig.3):

AH - AH
& =&t Tp (%)

where, AH,= displacement of specimen end sections measured at the peak stress.

On the other hand, when €. > g, the LVDTs shown in Fig.3 cease to work
properly. (These instruments become often partially or completely detached from
the lateral surface of the cylinder at the onset of the sliding along the slanted crack,
Fig.1b). During the whole second loading stage, Eq.(1) is used to evaluate the
nominal stress G, .

All the experimental stress-strain relationships are reported in Fig.7, where they
are grouped together by series (Series 1 in Fig.7a, Series 2 in Fig.7b, Series 3 in
Fig.7c, Series 4 in Fig.7d, and Series 5 in Fig.7¢). In these Figures, all the stress-
strain relationships show a remarkable softening after the peak stress.
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fe E.
Series Specimen (MPa) €l (MPa)
0SCO0 20.1 0.00479 17000
| 0SCl1 36.4 0.00604 19000
0SC3 32.6 0.0177 26000
0SC10 58.2 0.0356 27000
0SCO0b 26.3 0.00513 25000
) 0SC1b 32.0 0.00696 27000
0SC3b 40.3 0.0135 27000
0SC10b 65.1 0.0245 35000
35SC0 24.6 0.00429 20000
3 35SC1 32.3 0.00642 27000
35SC3 44.8 0.0120 28000
35SC10 70.8 0.0245 42000
35SCO0b 345 0.00611 25000
4 35SCl1b 37.3 0.00629 27000
35SC3b 42.5 0.0125 28000
35SC10b 67.8 0.0326 30000
70SCOb 22.2 0.00534 19000
5 70SC1b 29.5 0.0109 20000
70SC3b 38.3 0.0207 26000
70SC10b 64.9 0.0339 42000

Table 3 - Main mechanical properties of the SCCs investigated in this project.

Nevertheless, the slope of the post-peak branch diminishes at high confining
pressures. For o3 = 10 MPa, past the initial ascending branch, the mechanical
response of SCC is practically plastic. In addition, both the concrete strength and
the corresponding strain increase with o;. The measured values of f., &, and E.
are reported in Table 3.

4. STRESS-STRAIN RELATIONSHIPS FOR CONFINED SCC

As stated in the Introduction, the behavior of cement-based composite under
multiaxial compression depends on the confining pressure o3 and on the type of
concrete. In many cases, the mechanical response, in terms of nominal stress
versus nominal strain, appears to be very different from that predicted by
commonly-used relationships.

According to Shah et al. (1995), as strain localization occurs, the post-peak
stage can be described (for any specimen length), either by a discrete model (i.e.,
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stress-sliding displacement relationship) or by a crack-band model (i.e., stress-
strain relationships smeared within a band). In the present tests, no measurements
were taken on the width of the band where strains localize. Hence, the results of
the previously-described triaxial tests are here only used to formulate a new and
more reliable pre-peak relationship for SCC, with and without steel fibers. Further
efforts will be made in future to formulate a stress-sliding displacement
relationship for the softening branch of such cement-based composites.

4.1. The pre-peak branch of the stress-strain curve

Existing stress-strain relationships for cementitious composites are based on the
definition of few parameters (Lokuge et al., 2005). More precisely, to model the
pre-peak branch of the c.-¢. curve, the strength and the corresponding strain of
concrete, as well as the elastic modulus, are required. These mechanical properties
have to be defined as a function of the confining pressure o; (Fig.8), on the basis
of the experimental evidence.

Under uniaxial compression, Sargins’ stress-strain relationship suggested by
CEB-FIP Model Code (CEB, 2003) can be adopted:

2
E, &4y €e1,0

o= gt L ©
1{ c —2] %

1,0 €e1,0

where, E. = tangent modulus; E.; = f; /€10 = secant modulus from the origin to the
peak of stress (Fig.8a). In this case, it is sufficient to measure experimentally the
values of £, o and €. o, and to compute E, as a function of concrete strength, coarse
aggregates and mineral admixtures (Noguchi et al., 2009).

When o3>0, the values of f., and €. should be replaced respectively by
concrete strength, £, and by the corresponding strain . (Fig.8b). Both parameters
should be evaluated analytically, in case they are not available from tests. For
instance, starting from f.o and o3, the strength f; can be estimated by means of
Binici's formula (Binici, 2005):

2
= £k T (1-k) | + 7
fo="Foo 1/c+mfc’0 ( )[],C’OJMO )

If the coefficients ¢ =1, m=9.9, and k=1, already introduced for ordinary
concrete (Binici, 2005), are adopted, the strength f; is correctly evaluated also in
the case of SCC. This is confirmed by the diagram f;/f.( versus o3 /f. of Fig. 9a,
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where the strength values predicted by Eq.(7) are in good agreement with those
experimentally measured in the current tests on SCC (with/without steel fibers).

In the same way, to estimate &, the following equation proposed by Richart et
al. (Binici, 2005), can be adopted:

Lo o A[L - B] )

€10 fc,o

As shown in Fig.9b, the values of g, are underestimated by Eq.(8), if the
coefficients 4 and B are assumed to be those of ordinary concrete (i.e., 4 =5 and
B =0.8). In other words, the coefficients calibrated for ordinary concrete are not
appropriate for self-consolidating concrete. In particular, under uniaxial
compression, the value g 0=0.0022 suggested by CEB-FIP Model Code (CEB,
1993) for ordinary concrete, is markedly lower than those measured by testing (see
Table 3). In the case of SCC, Eq.(8) provides a better approximation of &, when
A=3.4 and B=0.69. These values derive from the least-square approximation of
the experimental results reported in Table 3. With respect to ordinary concrete, the
best fit line of self-consolidating concrete shows a higher slope (Fig.9b).

Under multiaxial compression, the whole ascending branch of c.-g. may be
computed by Sargin’s model as well, if in Eq.(6) the parameters f., and & are
replaced with f. and ¢, . In the present case, instead of computing these values
through Eqgs.(7)-(8), f., €. and E. are those experimentally measured in triaxial
tests (Table 3). Both the analytical and experimental stress-strain relationships are
reported in Fig.10 (uniaxial compression, i.e. 3= 0 MPa) and in Figs.11-12-13
(3= 1, 3 and 10 MPa, respectively). For any fiber amount, Eq.(6) gives a
reasonable approximation of the experimental data only for low confining
pressures (o3= 0 in Fig.10, and o;= 1 MPa in Fig.11). By increasing G5, Sargin’s
formula is no longer effective in predicting the behavior of SCC (o3=3 in Fig.12,
and o;= 10 MPa in Fig.13). Generally, for any given strain, the corresponding
stress is systematically overestimated by Eq.(6).

In the case of passive confinements, a stress-strain relationship, similar to
Eq.(6), was proposed by Sargin et al. (1971), on the basis of an experimental
campaign concerning laterally-reinforced concrete prisms. According to Sargin’s
procedure, the previously-described triaxial tests can be used to formulate a new
relationship for compressed concrete under active confinement. Referring to
Colonnetti’s theory of coactions, the general form of the c.-g. curve should not
differ from a linear elastic law, as in the following:

o, = < (gn _gn) (9)
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where, G,= o, /f.= normalized stress; &,=¢g./ &;= normalized total strain; and
g, = normalized imposed strain (the difference between the total and imposed
strains are the elastic strains). The use of Eq.(9) within the frame of the classical
theory of elasticity is ensured by the theorem of elastic coactions (Appendix 1).

For zero confinement, Sargin’s model - Eq.(6) - is still valid, and the
normalized imposed strain, &g becomes:

E. _5yEa &’
= Ec'l Ec
(10)

gn,S =
1+ E. -2,
Ecl
On the contrary, when o3> 0, the imposed strains should be calibrated

according to the results of the triaxial tests. More specifically, the normalized
imposed strains are assumed to be linearly related to &, ¢ [Eq.(10)]:

g, =0F,g (11)

n

The coefficient w, which is a function of o3 and ¢, , is defined below.

As shown in Fig.14a, the maximum value of the coefficient of proportionality,
®max , Increases with the confining pressure (whereas, ®y=1 when o3=0). If the
results of the triaxial tests performed at higher confining pressure (c;=3 -10
MPa) are taken into account, the maximum value of the coefficient of
proportionality is a linear function of the ratio o3 /f. (Fig.14a):

o, =1+22 (12)

c

Since . is reached for small g, (lower than 4%), the general form of  is
obtained by inserting the coefficient B (a function of €, ) into Eq.(12):

w=112%4 (13)

c

where =0 when g, < 0.04.
The values of 3, obtained from the results of triaxial tests, are included in the

range depicted in Fig.14b. In the same Figure, such values are also compared with
those given by the following best-fit curve:
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ﬂ:(l—gnj (14)

Finally, under active confinement, Eq.(6) can be given a more general
formulation, as follows:

o,=/, 5 (en —E,,,S) if €,<0.04 (15a)
cl
E o (1-g
o, =f.——1¢&,— 1+2—3[—”J g,s¢ 1f €>0.04 (15b)
E, /.1 0.96 ’

With respect to the Sargin’s formula [Eq.(6)], Egs.(15) give a more reliable
stress-strain relationship for confined SCC. This is particularly true in the case of
high confining pressures (o;=3 MPa in Fig.12, and o5;=10 MPa in Fig.13).
Conversely, Eq.(6) - which coincides with Egs.(15) when 65= 0 — is reliable in the
case of low confinement (o5 =0 MPa in Fig.10, and o;=1 MPa in Fig.11).

Finally, if fiber volume fraction is lower than 1%, as in this experimental
campaign, Eqgs.(15) are valid for all the SCCs, regardless of the fiber content. The
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same results can be also obtained for ordinary concrete in tension (Balaguru and
Shah, 1992).

5. CONCLUSIONS

The experimental campaign carried out by the authors has been used to propose a
new stress-strain relationship capable of modeling the pre-peak stage of concrete
under active confinement. In accordance with the experimental evidence, the
following conclusions can be drawn:

e The compressive strength f; increases with confining pressures ;. If the
strength under uniaxial compression (f;o) is known, f; can be correctly
estimated by the Binici's formula [Eq.(7)]. This is true both for ordinary
and self-consolidating concrete, with and without steel fibers.

e Strains at peak of stress increase with confining pressure 5. The equation
proposed by Richart et al. [Eq.(8)] can be used to compute g, if the
corresponding value &, obtained in absence of confinement, is known.
However, the coefficients 4, B of Eq.(8) adopted for ordinary concrete are
different from those used for SCC, regardless the fiber-reinforcement.
This is due to the higher strains developed by self-consolidating concrete,
with respect to ordinary concrete, at the same level of stress.

o The Sargin’s stress-strain relationship [Eq.(6)] cannot be used in the case
of high confining pressures (c;>3MPa). A more reliable relationship,
developed by the authors, is given by Egs.(15) and can be applied to self-
consolidating concrete, with and without steel fibers.

To complete the present research project on the mechanical behavior of SCC
under multiaxial compression, further analyses have to be developed in order to
introduce stress-sliding displacement relationships for the softening branch of such
cement-based composites.
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APPENDIX 1: THE THEOREM OF ELASTIC COACTIONS

The theory of elastic coactions is based on the theorem firstly enounced by
Gustavo Colonnetti in a series of papers published by the Accademia Nazionale
dei Lincei during the years 1918-1921. This theorem is valid for all types of
imposed strains, including the nonlinear strains considered in the present paper. By
means of Colonnetti’s theorem, the equilibrium equations of a body, subjected to a
set of external loads and imposed strains, can be written independently of the types
of strain (elastic, inelastic, or plastic).

Let us introduce the six unknown components of the stress tensor that
characterizes the equilibrium of a body:

(oo S 3Ty (A1)
Suppose a small variation of such components:
00,00 ,....... .07, (A2)

which forms a self-equilibrated system of stresses. From the principle of Virtual
Works, it follows that the work done by the stress components of Eq.(A2) and a
system of compatible strains must be equal to zero:

[[(e.+8.)00, +(2,+8,)00, + .t (7, +7,. )7, |aV =0 (A3)

vV
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The following six components of the strain tensor:
EHELE, TE b VetV (A4)

originated in the body by passing from the unstrained natural state to actual
equilibrated state, are here assumed to be the compatible system of strains.

If ¢ is the elastic-strain energy density, the elastic-strain components of
Eq.(A4) can be written as a function of the stress components :

op op op
=22 e =22 oy = AS
Ex oo &y do, Yy or (A3)

X yz

By substituting Eq(A5) and Eq.(A4) into Eq.(A3), the following equation can be
written:

| a—(050-x+8—¢50-y+ ...... +a—(p§ryz v +

v| 0o, oo, o7,

(A6)
J[2.60,+,00, +...+7,. 61, |dV =0

vV

The first member of Eq.(A6) is the first variation of the functional:

whose second variation

Jp(60,.60,.....0,.)dV (A8)
V

is always positive. Thus, the following theorem can be stated:

For each system of loads and inelastic strains, the state of stress characterizing
the equilibrium of the body minimizes the functional v [Eq.(47)].

Should the inelastic strains be zero, this theorem would lead to the minimum of
the elastic strain energy (i.e., Menabrea’s theorem).

Conversely, the mechanical nonlinearities can be analyzed within the frame of
the classical theory of elasticity, by replacing the six components of the elastic
strain with those of the total strain [Eq.(A4)].
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ON THE COMPRESSIVE STRENGTH OF CONCRETE
DAMAGED BY PREVIOUS TRANSVERSE TENSION AND
CRACKING

Elisseos S. Katsaragakis'

ABSTRACT

The behaviour of plain concrete under sequentially-applied loads in two directions
is experimentally investigated in this paper. Concrete compressive strength is
measured on cylindrical specimens previously fractured by splitting, to make
comparisons and correlations with concrete conventional compressive strength
measured in virgin cylinders.

The compressive strength measured by testing pre-split specimens turns out to
be from 5% to 15% lower than that measured on standard cylinders, depending on
the number of splitting planes (one or two).

This investigation may provide some useful information on concrete behaviour
in compression, whenever previous cracks exist in the direction of the subsequent
compressive load, as it occurs in anchorage zones and in the shear span of R/C
beams.

The results may also benefit Nonlinear Finite-Element Analysis of concrete
structures.

Last but not least, the numerical coefficients and the diagrams worked out in
this paper may be used in the evaluation of concrete tensile and compressive
strength, on the basis of two sequential tests performed on a single specimen.

' PhD Civ. Eng., Lecturer, Dept of Civil Engineering, National Technical

University of Athens, Athens, Greece.
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1. INTRODUCTION

The fracture of a plain-concrete specimens is the final stage of a process in which
a microcrack (or a number of microcracks), being critical under the specific
applied stress, develops into a pattern of major cracks, leading to the fracture of
the specimen. According to the type of the applied stresses, and to the stress level,
large parts of the specimen, beyond the path of the developing fracture, undergo
some damage varying in type and severity, or they even remain virtually
unaffected by the fracture process. Thus, a specimen fractured under a certain
stress state contains areas - or parts (if it is split) - which may resist a new load; in
other words the specimen may exhibit a certain strength under a new stress state.

An axially-loaded specimen may be considered as subjected to a sequence of
“n” individual loads, applied to the specimen in sequential steps. Among the
multiaxial stress-states, those including tension arouse a particular interest, since
in such cases concrete behaviour is still not fully understood.

In the following, the behaviour of concrete under compression is examined in
specimens already fractured under tension. A limited decrease of the compressive
strength has been measured, compared to standard “solid” specimens, this result
being a possible indication of the extent of concrete damage in tension.

2. THEORETICAL CONSIDERATIONS

Let S(sy,-..,S,) be a multiaxial n-dimensional load consisting of n components,
which vary in direction and/or type (i.e., tension, compression, lateral
compression, etc.). This load is applied on a given specimen, through “n” steps of
a sequential load-path, as follows:

Ist step: Si(s1)
2nd “ o Sz(S],Sz)

Should any one of the above uniaxial loads s; be applied alone, the specimen
would exhibit the strength f;,:

load: s;, strength: f)
S2, « fz

S, «“ f,
If the multiaxial loads S; are applied sequentially, the strengths at each step shall

be:
Ist step: (f})
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nth “: (£=0,f* with 1 <j< n-1),

where the asterisk (*) denotes the strength of the specimen after being loaded up
to failure in the last step. Obviously, in each consecutive step, the strength that has
been encountered in the previous step becomes zero.

If, for a specific specimen and for a specific set of actions, a correlation is
established between f; and fi*, this correlation and the same specimen may be used
for the evaluation of concrete strength under both the different loads S;(1 <j < 1-
1) and S;.

For the specific case of two loads, namely an axial tension and an axial
compression, applied to the same specimen, the above loading procedure is
modified as follows:

¢ independent application of the loads:

tensile stress: o:, strength: f;
compressive stress: o, strength : f;

e sequential application of the loads:

Ist step : tensile stress o:, strength: f;
2nd step : compressive stress o, , strength : fi.

The correlation between fi. and f., in the specific case of a concrete specimen,
will be investigated in the following.

3. LOADING IN COMPRESSION A SPECIMEN PRE-FRACTURED IN
TENSION

The above procedure is applied to concrete specimens pre-fractured in tension and
subsequently subjected to a compressive loading, according to the following
procedure.

A cylindrical specimen is subjected to a splitting test. Subsequently, the two
parts of the diametrically-fractured specimen are brought together, forming again a
cylinder to be subjected to a conventional test in compression.

During the splitting test, a part of the specimen around the fracture surface
develops high biaxial stresses, causing local damage at the micro-level, in the form
of microcracks. Such areas should be unable to resist the stresses developed during
the subsequent compressive test; in other words, the effective area of the
compressive specimen would be equal to the nominal area minus the damaged
area.
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The total fractured area of the specimen past the splitting test, as a percentage
of the cross-section of the specimen, is an indicator of the reduced strength that the
“new” specimen will exhibit under compression. This fractured area is assessed in
the following by applying a criterion of fracture at each point of the cross-section
of the diametrically-loaded specimen.

A cylindrical specimen of radius R and unit length, under a unit load, is
considered (Fig. 1). In a system of cartesian co-ordinates having its origin in the
centroid of the circular section, the stresses at a point (x = aR , y = BR) have the
following expressions (Peltier, 1954):

_ 2| o*(p) . o(1P) _1} M
TR | [ (4B [a+(1-B)X 2

2 (mB)° +p° 1 )
°“ﬂRLa2+(1+B)212+[a2+(1—8)212 2} @
o2 amp)?  a(tp)’ 3)
VTR [ +(14B)2]12 [o?+(1-B)?)?

The failure criterion adopted for the biaxial stress-state developed inside the
specimen is presented in Fig. 2, in the form of a polygonal strength-envelope,
approximating the actual strength envelope in the combined tension and
compression domain (Kupfer et al,, 1969; Nelissen, 1972; Katsaragakis, 1988).

On the basis of the previous failure criterion, the comparison of the stresses
evaluated in the points of a dense grid, yields the picture of the damaged cross-
section presented in Fig. 3. The damaged area amounts to about 15% of the cross-
section, this being a figure indicative of the expected strength loss under the axial
compressive load. This loss depends also on a number of parameters, in some way
related to the fracture process:

e Scale effect

The specimen loaded in compression consists of two parts, that are the two
halves of the split cylinder; since each part has half the size of the original
cylinder, the scale effect increases the strength of the two smaller specimens.

e Slenderness of the specimen

The two separate halves of the fractured specimen are more slender than the
original specimen (which implies a strength decrease).
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e Confinement of the fractured area

The fractured area occupies the central part of the specimen and is confined by
the surrounding undamaged material; hence, the fractured area can still resist a
certain (small) part of the applied load (which implies a strength increase).

e Inclination of the critical microcrack

As justified by Fracture Mechanics, the orientation of the critical microcracks
to be developed inside the specimen loaded in compression is at an angle to the
direction of the applied load, whilst the major cracks developed under the
previous splitting process are parallel to the direction of the compressive load.
Consequently, this misalignment favours a strength increase.

Though some of the above influences are self balancing, their individual effect
can be assessed only in probabilistic terms, at the microlevel of the material.

Figure 1 - Stresses in a unit-length cylinder subjected to a splitting load.
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Figure 2 - A possible representation of the failure envelope in the plane of the
normalized principal stresses.

0.5R -

0 0.5R R

Figure 3 — Assessment of the fractured area as a part of the full section of a
specimen subjected to splitting.
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4. EXPERIMENTAL INVESTIGATION

An experimental project based on 162 concrete specimens was developed, in order
to investigate concrete behaviour in compression, after the formation of splitting
cracks parallel to the applied compressive load.

The cylindrical specimens (diameter/height = 150/300 mm) were cast in
batches of 18 specimens each. Crushed limestone aggregates, with a maximum
size of 30 mm, and Portland-type cement were used.

The curing conditions were the same for all specimens. After casting, the
specimens were covered with a burlap fabric kept wet for 20 days; later - and until
testing - the cylinders were stored in controlled higro-thermal conditions.

The four concrete mixes had a mean compressive strength comprised between
22 and 37 MPa (Table 1).

Table 1. Mixes and number of specimens

Mix, f. (MPa) f.22 | £ 25% f. 31 f. 37

Number of specimens 36 36 54 36

(*) f.=24.5MPa

The specimens of each batch were tested as follows:

e 3 gspecimens were tested in compression, in order to obtain the nominal
compressive strength of the batch.

e 12 specimens were loaded along two opposite generators to cause a splitting
failure, and the fractured cylinders were later tested in axial compression (Fig.
4a).

e 3 specimens were loaded along two opposite generators to cause a splitting
failure; then each fractured cylinder was subjected to a second splitting process
by applying a load at right angles to the previous one; finally, the twice-
fractured cylinder was tested in axial compression (Fig. 4b).

Concrete stress-strain curve in compression and the modulus of elasticity were
obtained from each test.
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(a) (b)

21

(c) (d)

Figure 4 — Cylindrical specimens subjected to single splitting (a); compression
past single splitting (b); double splitting (c); and compression past double splitting
(d).

5. TEST RESULTS

5.1 Compressive strength

The test results (Table 2) include the mean compressive strength, its coefficient of
variation (COV), and the percent strength loss after the first and the second
splitting processes.



Table 2. Mean strengths f, (MPa) and coefficients of variation v (%).

Mix £,22 f, 25 £, 31 f.37
Mean f, v(%) f, v f, v f, v
strength,

Cov

Compression | 22.12 | 2.16 | 24.44 | 281 | 31.14 | 232 | 3695 | 1.22
Splitting 197 | 1320 | 1.86 | 12.80 | 239 | 12.64 | 2.70 | 12.85
Compression | 20.97 | 3.54 | 23.09 | 253 | 28.84 | 329 |33.77 | 4.82
past single

splitting -5.2% -5.5% -7.4% -8.6%
Compression | g e3 | 345 | 2202 | 411 | 2820 | 235 - ;
past double

splitting “15% -10% 9% - -

The reduction of the compressive strength fi. of the fractured specimens was
about 5%, for f. 22, but increased gradually with concrete strength, to reach about
9%, for f. 37 (Table 2). These reductions are small indeed compared to the
damaged area of the sections, that was evaluated as about 15% in Chapter 3. These
results are plotted in Fig. 5, where the linear regression is plotted as well

(1*=0.995):

f./f.=1-0.0023f, (MPa)

with f. = compressive strength of the fractured specimen (single splitting), and f, =
compressive strength of the virgin specimen.

The twice-fractured specimens exhibit a greater decrease of their compressive
strength f;. (Table 3). However, due to the small number of the specimens, these
results should be considered as a mere indication.

Table 3. Compressive strength f,. of the fractured specimens.

Mix f. 22 f. 25 f. 31 f. 37
fie/ £ 0.948 0.945 0.926 0.914
fiee/ e 0.851 0.901 0,905 -
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Figure 5 — Reduction of the compression strength in pre-fractured specimens (past
single splitting).

5.2 Deformation at the peak-load

The deformation ¢, at the peak-load was about 2.3%o0 for all concretes and
generally decreased (by 7% to 19%,) in the strongest concretes (Table 4).

These results are plotted in Fig. 6. The linear regression (r’=0,930) yields the
following relation between the strains at the peak-load of the fractured and
unfractured specimens:

Eieu/ €u = 1,12 - 0,008 £, (MPa)

Table 4. Deformation &, at the peak-load of the fractured specimens.

Mix

f. 22

f. 25

f. 32

f. 37

Stcu/ Scu

0.93

0.93

0.88

0.81
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The above results allow to estimate the displacement of the peak point (g, , f;)
of the stress-strain curve, from its initial position in the virgin specimens, to its
new position (&g, fi.) in the fractured specimens, see Figures 7 and 8. The fitting
curves are polynomials of degree 2; the related r* are indicated in the figures.

N

ol N\

0.95

gtcu / €cu

r’ = 0,9303

AN

20 25 30 35 40
fc (MPa)

0.85
N

Figure 6 — Strain at the peak load in fractured and virgin specimens (single
splitting).

5.3 Stress-strain curves and modulus of elasticity

The c-¢ curves of the fractured specimens are regular, with no sign of local abrupt
changes. The tangent modulus of elasticity is the same for both virgin and
fractured specimens at the origin, and keeps constant up to about 30% (15%) of
the peak load in virgin (pre-fractured) cylinders.

At 15% of the peak load, the modulus of elasticity of the fractured specimens is
close to 70% of the elastic modulus of the virgin specimens at 70% of their peak
load.

Hence, in the case of fractured specimens, the o-¢ curve up to the peak load
may be obtained by means of a transformation of the c-¢ curve of the virgin
specimens, as shown in Fig. 9.
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Figure 7 - Shift of the stress-strain curve at the peak stress.

6. DISCUSSION AND CONCLUSIONS

The following conclusions can be drawn from this investigation:

e The cylindrical strength in compression decreases slightly after either a single
or double splitting process; in the former case the strength loss is roughly
comprised between 5% and 9% (f. = 22-37 MPa), and in the latter case
between 9% and 15% (f. = 22-31 MPa). Since a single splitting-process, with
the formation of a single fractured plane, may represent a fractured 2-D
situation, in such a case — (7-8%) looks like a reasonable guess. Furthermore,
since a double splitting-process, with the formation of more fractured planes,
may represent a 3-D situation, in such a case — (14-16%) is again a reasonable
guess.

e The decrease of the residual strength (past a single splitting-process)
accompanying the increase of concrete strength may be attributed to the fact
that the stronger the concrete, the greater its brittleness.

e The same cylindrical specimen may be used twice for the evaluation of both
concrete tensile and compressive strengths, by applying the correlation factors
proposed in this study.
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Figure 8 — Reduction of the strain at the peak load in fractured specimens (single
splitting).
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Figure 9 — Possible reduced stress-strain curves for fractured concrete.
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e The proposed test procedure suggests a new way to measure concrete
mechanical decay in tension-compression, in order to work out modified 2-D
strength envelopes, to be compared with those published by previous authors
(for instance, Kupfer et al., 1969). Concrete cylinders may be first loaded
along two opposite generators (at different load levels or up to cracking) and
subsequently tested in compression (Fig.10). Alternatively, concrete cylinders
may be first loaded in compression (at different load levels) and subsequently
tested by splitting. In both cases, envelopes different from those published by
Kupfer et al. (1969) could be obtained for sequentially-applied tensile/
compressive loads.

e The mechanical decay measured in this study, where the tests in compression
were performed past either a single or double splitting-process, is smaller than
that measured by Delibes Liniers (1987), where the tests in tension were
performed after loading in compression up to concrete failure. The more
severe damage accumulated in the latter case may be due to the fact that in
compression microcracking is dispersed inside the whole volume of the
specimen and the subsequent tensile load is applied to an extensively-
weakened material. On the contrary, the damage accumulated in the former
case (i.e. in this study) is mostly localised close to a single or double crack
(past concrete splitting) and the subsequent compressive load is applied to a
mostly-intact material. (As a matter of fact, Gopalaratman and Shah, 1985,
observed no further microcracks prior to the attainment of the peak load in
compression, when loading in compression a split specimen).

- | ———— biaxial loading

sequential loading

———

Figure 10 — Biaxial strength envelope and stress path in case of sequential loading
(first, splitting-type loading stopped after concrete fracture - as in the figure — or at
various levels before concrete fracture; then, loading in compression until concrete
crushing.
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NOTATIONS

Main symbols

o, p =x/R,y/R

€ deformation

o,T normal, shear stress

f strength

R radius of cylindrical specimen

r correlation coefficient

S, s load, load component

A% coefficient of variation

X,y  Cartesian co-ordinates
Subscripts

c,t  compression, tension

u ultimate

tc compression past single splitting
ttc compression past double splitting

(tc, ttc = tensional fracture)

51






STUDIES AND RESEARCHES - V. 29, 2009
Graduate School in Concrete Structures — Fratelli Pesenti
Politecnico di Milano, Italy

MODELLING TECHNIQUES TO DESCRIBE THE
BACKBONE CURVES OF R/C COUPLING BEAMS
SUBJECTED TO SEISMIC LOADING

Sergio Brefia', Miguel Fernandez Ruiz’, Neven Kostic® and Aurelio Muttoni*

ABSTRACT

Structural R/C cores are a popular and efficient solution for resisting lateral loads
in medium-to-tall buildings. The walls of the cores typically exhibit large openings
providing access to elevators. Consequently, the shear induced by the lateral forces
is transmitted by limited portions of the core (the walls between two contiguous
openings), which are commonly indicated as coupling beams. Such beams are
subjected to large deformation demands, as the system undergoes lateral
displacements associated with wind or earthquake forces, and govern the response
of the structural system. Performance-based assessment and design of these
members have been gaining popularity within the structural engineering
community in the last 15 years. These techniques rely on an accurate definition of
the structural behavior of each member (shear force — chord rotation), in order to
successfully describe the global system performance. In current seismic design and
assessment documents, the role of certain structural parameters (such as
slenderness, reinforcement layout or even failure mode) is not always properly
addressed. In this paper, the influence of these parameters is investigated on the
basis of the results of an experimental campaign. Several approaches to generate
the force-deformation envelopes (backbone curves) of coupling beams are
discussed and compared. Specific reference is made to the stress fields, as a
promising approach aimed to rationally describe the hysteretic behaviour of R/C
members subjected to cyclic loading.
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1. INTRODUCTION

Most medium-to-tall buildings resist horizontal loading (earthquake or wind) by
means of internal reinforced-concrete cores (Figs. 1la,b). Consequently, such
horizontal actions usually govern the structural design of the cores, which in turn
control the deformability of the building (Fig. 1c¢).

‘a) (b) (c) (d)

]DDDD#

Figure 1- Coupling beams in reinforced-concrete cores: (a) view of a core with
openings; (b) core subjected to horizontal loading; (c) deformation of the core; and
(d) internal forces in a coupling beam.

In order to provide access to elevators or other facilities, cores usually have a
number of aligned openings (Fig. 1a), that require shear forces to be carried by
limited portions (the coupling beams between the openings). Being subjected to
relatively large internal forces (bending and shear, Fig. 1d), coupling beams
become the controlling members of the global response of the wall system (the
shear failure of coupling beams causes the loss of the wall stiffness).

1.1 Summary of existing studies on coupling beams

Initial experimental research on reinforced-concrete coupling beams focused on
the development of rebar details to improve the structural ductility under cyclic
actions. Prior to mid-1970s, the most commonly-used reinforcement pattern in
coupling beams consisted of an orthogonal arrangement of longitudinal and
transverse bars (conventional reinforcement, Fig. 2a). The failure of the Mt.
McKinley apartment building during the Alaska earthquake in 1964 demonstrated
that beams with conventional reinforcement patterns and small amounts of
transverse reinforcement could fail in a brittle manner under strong ground
shaking, and prompted researchers to develop alternative reinforcement
configurations, that would enhance the ductile behavior of coupling beams.

In the early 1970s, Paulay and coworkers at the University of Canterbury (New
Zealand) carried out monotonic and cyclic tests on coupling beams with different
reinforcement patterns (Paulay 1971a,b). These studies were instrumental in
identifying the two predominant shear-failure modes, that occur in conventionally-
reinforced coupling beams: diagonal-tension failure and sliding-shear failure. The
tests indicated that diagonal-tension failure may occur at low-to-moderate ductility
demands, even if the beam yields initially in bending. Additionally, for beams
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with low clear span-to-depth ratios and high amounts of transverse reinforcement
(designed to prevent any diagonal tension failure), sliding-shear failure occurred at
higher deformation demands, due to plastic-strain accumulation in the longitudinal
reinforcement and to damage accumulation in the concrete close to beam ends. To
enhance the ductility of the coupling beams, Paulay proposed a reinforcement
pattern consisting of a set of corner-to-corner diagonally-placed bars (Fig. 2b), as
suggested by the crack patterns observed in laboratory tests: Such a bar
arrangement could also avoid any premature failures associated with low ductility,
because of crack widening at beam ends (Paulay 1971b; Paulay and Binney 1974).

As arule, to avoid buckling phenomena under large inelastic load reversals, the
diagonal bars are laterally confined by means of closely-spaced hoops.

(b)
3 2 o
BN
AR,

Figure 2 — Reinforcement patterns in coupling beams: (a) conventionally-
reinforced beams; (b) diagonally-reinforced beams; (c) beams with dowel bars at
each end; and (d) rhombic reinforcement pattern.

(a) (©) (d)

Paulay and Santhakumar (1976) compared the effects that different
reinforcement patterns in coupling beams have on the lateral-load response of
coupled-wall systems, by testing one-quarter scale coupled-wall specimens with
conventionally-reinforced or diagonally-reinforced beams. Their results indicated
that sliding-shear failures may occur at the ends of conventionally-reinforced
coupling beams after several shear reversals. In contrast, beams with diagonal
reinforcing bars exhibited a stable response without any sizable strength or
stiffness degradation under large displacements. Current and past codes (UBC
1997; IBC 2009; ACI 318-08) promote the use of diagonal bars in coupling beams
with low aspect ratios subjected to high shear loads.

Diagonally-reinforced beams, however, brings in a number of constructive
problems, because of reinforcement congestion, interference between horizontal
and vertical bars, and further reinforcement required to increase the confinement.
To simplify the construction without sacrificing the ductile response of the
coupling beams, several investigators have proposed alternate reinforcement
patterns that would improve the performance of coupling beams under large load
reversals (Barney et al. 1980; Tassios et al., 1996; Galano and Vignoli, 2000).
Some of the proposed patterns are shown in Figures 2¢,d. Other investigators have
developed hybrid (or composite) coupling beams, by embedding structural steel
elements in the concrete (Harries et al., 1997). Recent studies have also suggested
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the wuse of high-performance fiber-reinforced cementitious composites
characterized by a high tensile strength in order to simplify the reinforcement in
the coupling beams of future buildings (Canbolat et al., 2005). These techniques
are extremely promising, but little has been done so far concerning the systematic
development of rehabilitation techniques to be used in existing coupling beams
exhibiting obsolete reinforcement patterns.

Many research studies based on linear elasticity were carried out in the 1960s
to investigate the role of the parameters affecting the elastic response of coupled-
wall systems (e.g. Beck 1962; Coull and Choudhury, 1967; Coull and Puri, 1968;
Coull et al., 1973). Among the parameters that control the lateral behavior of a
structural system, the degree of coupling was recognized as one of the most
effective. It was later found that the earthquake response of coupled-wall systems
cannot be accurately described by using elastic analysis. Hence, most of the efforts
were concentrated on the application of nonlinear analysis to coupled-wall
structures (Paulay, 1970; Glueck, 1973; Elkholy and Robinson, 1974; Takayanagi
and Schnobrich, 1979). Mahin and Bertero (1976) carried out the nonlinear 2-D
dynamic analysis of the shear walls of the “Banco de America” Building
(Managua, Guatemala), which was moderately damaged during the 1972
earthquake. Three different force-deformation curves representing the behavior of
the coupling beams were introduced to take care of their possible brittle shear-
failure or ductile flexural-failure (with/without strength and stiffness degradation).
Two different ground-motion records were used in the analysis. The numerical
results showed that in coupling beams the number of the cycles exhibiting inelastic
displacements could significantly exceed the number of the cycles undergone by
the roof, because of higher-mode effects in the coupling beams. It was found also
that elastic analysis cannot provide realistic estimates of the deformation and
internal forces generated in coupled-wall systems.

Not only these analytical studies are the backbone of current practice in the
analysis of coupled-wall structures, but they paved the way to the use of nonlinear
analysis, that is instrumental in obtaining a more realistic description of the
expected seismic response in coupled-wall systems.

1.2 Nonlinear static methods for the seismic performance-based evaluation of
coupling beams

Since its publication, Standard ASCE/SEI 41-06 — Seismic Rehabilitation for
Existing Buildings (2006) has become a common tool for any structural engineer
involved in the assessment and rehabilitation of existing buildings. This standard
evolved from FEMA 356 — Prestandard and Commentary for the Seismic
Rehabilitation of Buildings (2000), which had been used for several years in the
rehabilitation projects throughout the United States. The above-mentioned
documents were aimed to guide designers in the performance-based rehabilitation
process required by seismically-vulnerable buildings.

One of the first steps in the performance-based rehabilitation process is to
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evaluate the force and displacement capacity of a given existing structure.
ASCE/SEI 41-06 provides details for various nonlinear-analysis techniques to be
used by engineers in the evaluation process, including dynamic time-history or
static (pushover) techniques. To date, the static nonlinear analysis based on
imposed forces (pushover) has been extensively used by structural engineers in the
evaluation process, because of its relative simplicity and of the availability of
dedicated commercial softwares. According to this numerical technique, the
response of the structure is calculated by introducing the nonlinear response of
each individual member of the system (force-deformation relationship). The
individual force-deformation relationships in combination with a model of the
whole structural system are believed to provide an acceptable estimate of the
entire structural response. It is assumed that the nonlinear behavior is restricted to
specific zones of the structural system, this simplification being often very
realistic. In the case of coupled-wall structures, the nonlinear zones are
concentrated either within the coupling beams or close the base of the shear walls,
where the bending moment due to the lateral forces is the largest. The system is
then subjected to a set of lateral forces that is increased until a mechanism is
formed. The monotonic nonlinear force-displacement response of the structural
system is computed, in order to check whether the lateral displacements
(represented by the drift of each storey) respect certain given acceptable values,
that depend on the required level of performance (e.g. actual occupancy, life
safety, collapse prevention, .....).

In coupled-wall systems, the force-deformation envelopes of each structural
member (backbone curves) are generally used instead of modeling the complete
hysteretic behavior of each member (the coupling beams in the case in question).
The force-deformation curves of the coupling beams are worked out by making
reference to the shear force-chord rotation curves. These curves provide the
rotation experienced by the coupling beam (6, see Figure 1d) for a given value of
the applied shear force. The accuracy of nonlinear static analysis obviously
depends (a) on the quality of the backbone curve of each member, and (b) on the
technique used to derive the curves. It is believed that the guidance provided by
ASCE/SEI 41-06 to construct the backbone curves for coupling beams is
inadequate. Therefore, a critical review of the techniques contained in this
document is presented in the following.

1.2.1 Calculation of the capacity of coupling beams according to ASCE/SEI 41-06

According to ASCE/SEI 41-06, to work out the shear force-chord rotation
envelope of any given coupling beam, its shear strength should be evaluated
according to ACI Building Code (ACI 318-08), by introducing the actual (or
expected) materials strengths and by adopting a strength reduction factor (or
partial safety factors) equal to 1.0 in all equations. The expected bending strength
is calculated taking into account the multiple layers (should it be the case) of the
longitudinal reinforcement. The shear forces are derived from the bending
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moments through equilibrium considerations, by assuming for the beam an
effective length between the plastic hinges. The shear force in the beams will then
depend on the plasticized length at beam ends. If the plasticized length at the ends
of the the longitudinal reinforcement is small (as in the case of brittle shear
failures), assuming the end moments to be applied at the beam-wall connections is
reasonable. On the contrary, if the plasticized length is sizable (as in the case of
stable plastic hinges), assuming the end moments to be applied at the extremities
of the plasticized zones is a must. Thus, the shear forces corresponding to these
two conditions can be calculated by using Egs. (1a) and (1b), respectively:

M 2M
Vend = . 4 = - (1 a,b)

hinge
I “ -

n

where M is the moment at the ends of the beam, /, is the clear span of the beam,
and /, is the (assumed) length of the plastic-hinge. The recommended length of the
plastic-hinge in ASCE/SEI 41-06 is equal to the section flexural depth divided by
2. In deep members (such as coupling beams, that are generally short) the shear
force required to generate a hinge may be quite large, because the difference
between the clear span and the length of the plastic hinge can be very small (it
approaches zero when /,, = h).

The shear strength of a coupling beam (diagonal tension) is calculated according
to ACI 318-08 (Eq. 21-7, normal-weight concrete), see Eq.(2):

v,= Al +o.t)) 2)

where a. = 3 for a clear span-to-depth ratio /,/A < 1.5, or 2 for [,/h > 2 (linear
interpolation should be used for intermediate values); p, = 4,/(b,s) = transverse
reinforcement ratio; 4., = cross-sectional area of the beam parallel to the applied
shear force; b,, = width of the web of the beam; s = spacing of transverse
reinforcement and f;, = expected yield strength of the transverse reinforcement.
One of the limitations of Eq. (2) is that it considers neither the shear-strength
degradation due to beam cycling, nor the other shear-failure modes documented in
coupling beams (e.g. sliding shear). Other available documents provide more
detailed procedures to evaluate the shear strength as a function of displacement
capacity (FEMA 306, for example).

1.2.2 Chord rotation as deformation parameter

The most extensively-used deformation parameter to work out the backbone
curves of coupling beams is chord rotation (see the “Notation” for its definition;
see also Figure 1d). Coupling-beam chord rotations are evaluated by using the
tabulated values (modeling parameters) listed in Table 1 (from ASCE/SEI 41-06).
These values depend on the mechanism controlling the behaviour of coupling
beams (bending or shear), but criteria to make a distinction are not specified in the
document. For example, a member may be identified as “bending-governed”, if
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flexural hinges form at its ends prior to reaching the shear strength. For low
amounts of longitudinal reinforcement, flexural hinges may form when the acting
moment is close to the expected yield moment. Because of shear strength
degradation at high displacements, the given coupling beam may subsequently fail
in shear, though failure may have been initially classified as bending-controlled.

Table 1 — Modeling parameters for coupling beams in ASCE/SEI 41-06 (see Fig. 3
for the definition of the parameters).

Controlled by Controlled by
Reinforcement V_o® Bending Shear
Configuration bwh\/z 4 b c d . c
With conforming <3 0.025 0.050 0.75 0.020 0.030 0.60
transverse
reinforcement® >6 0.020 0.040 0.50 0.016 0.024 0.30
With nonconforming <3 0.020 0.035 0.50 0.012 0.025 0.40
transverse
reinforcement™® >6 0.010 0.025 025 0.008 0.014 0.20
Diagonal reinforcement n.a. 0.030 0.050 0.80 — — —

@Conforming transverse reinforcement consists of : (a) closed stirrups along the entire
beam length at a spacing < d/3, and (b) shear capacity guaranteed by the closed stirrups 7
> 3/4 of the required shear strength of the coupling beam; ® £ in [Ib/in’]

Chord rotations in shear-controlled beams are estimated by using rotations ¢ and
e (see Table 1 and Fig. 3a). In bending-controlled beams, however, all post-yield
chord rotation values (rotations a and b) are referred to the chord rotation at
yielding. A “shear-force retention” coefficient is given in Table 1 (parameter c¢),
which is the fraction of the shear at yielding retained under large displacements.

ASCE/SEI 41-06 defines the chord rotation at yield as:

My
0,=—1, 3)

where M, represents the yield moment; E, is concrete secant modulus of elasticity
(E. = 57000\/70'[psi]; = 4730\/76'[MPa]); 1., i1s the moment of inertia of the
cracked cross section; and /, is the length of the plastic hinge. According to
ASCE/SEI 41-06, the cracked (effective) bending and shear stiffnesses of a
coupling beam is 0.3 E. [, and 0.4 E. A.,, respectively, where 4., is the shear-
resistant gross sectional area (= b,,4). It should be noted that the value of the shear
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stiffness adopted in ASCE/SEI 41-06 can be obtained by using the relationship
between the elastic modulus E. and the shear modulus G.=FE./[2(1+Vv)], with v
(Poisson’s ratio) taken equal to 0.25 (G. close to 0.4E.). This observation implies
that any shear stiffness degradation due to concrete cracking is neglected.

A reassessment of existing test results of coupling beams conducted by Ihtiyar
and Brefa (2006) shows that the shear stiffness in coupling beams can decrease
substantially even under small deformations. This is a confirmation of what had
been previously observed by Paulay (1971), who highlighted the necessity of
introducing appropriately the shear stiffness in the analysis of short coupling
beams, including the sizable loss of stiffness occurring after cracking.

One of the limitations in the evaluation of the flexural stiffness by using a
fraction of the gross moment of inertia (e.g. 0.3 ;) is that in this way the span-to-
depth ratio has no role on cracked stiffness. Paulay and Priestley (1992) indicated
that the moment of inertia of cracked sections in coupling beams is a function of
beam aspect ratio, and recommended that in conventionally-reinforced coupling
beams /.. be calculated using Eq.(4):

0.21,

Icr:7
1+3] —
[lnj

Alternatively, ASCE/SEI 41-06 allows experimental results to be used to
generate the backbone response of the structural members instead of using
tabulated modelling parameters. These two approaches are schematically
illustrated in Fig. 3, where Fig. 3a shows the shape of the backbone curves as
obtained by using the values from Table 1, and Fig. 3b indicates a possible way of
generating an experimentally-derived backbone curve and a simplified curve that
one might obtain with the tabular procedure suggested in ASCE/SEI 41-06.

“4)

(a) (b)
V/Vy . 356 T
d [
b 178

‘ e 356 |
Chord rotation, 6

Figure 3 — Construction of the backbone curves using (a) tabulated values; and (b)
experimental results (Ihtiyar and Brefia 2007).
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1.2.3 Components of chord rotation in coupling beams

It has been mentioned that chord rotation is used as the primary deformation
parameter in ASCE/SEI 41-06 to work out the backbone envelopes in coupling
beams. In short deep members, deformation components other than those induced
by bending may play an important role in the deformed shape. In the case of
coupling beams, shear forces and bar slip markedly affect structural deformability,
and substantially contribute to chord rotation, as graphically illustrated in Fig. 4. In
particular, the chord rotation resulting from flexural and shear deformations after
cracking should be included, to describe the ascending branch of the shear force-
chord rotation curve. As for bar slip (Fig. 4c), its contribution to the total
deformation may be substantial at large displacements, but is negligible in the
post-cracking pre-yielding phase (at small displacements).

(@ (b (©

o S S .
_j o &

—

Figure 4 — Contributions to chord rotation in a coupling beam: (a) flexural
deformation; (b) shear deformation; and (c) bar slip.

2. ROLE OF THE REINFORCEMENT LAYOUT: EXPERIMENTAL
RESPONSE AND COMPARISON WITH ASCE BACKBONE CURVES

A number of specimens were designed and tested in Amherst (University of
Massachusetts) primarily aimed to investigate the effects that both the
reinforcement layout and the geometry have on the failure mode, and to evaluate
the quality of the backbone curves worked out by using the procedures proposed in
FEMA 356 (parent document of ASCE/SEI 41-06). Although these specimens
refer to no particular prototype building, their dimensions are consistent with -
scale models of typical coupling beams. Concrete nominal compressive strength
and steel yield strength were 30 MPa and 410 MPa (longitudinal and transverse
reinforcement), respectively. Only in Specimen CB-2 the transverse reinforcement
consisted of deformed wire with a nominal yield strength of 580 MPA. Table 2
lists the main geometric and as-built material properties of all specimens. Figure 5
illustrates the geometry and reinforcement layout of the four specimens tested in
this research project. The main variable parameters were: beam span, and the
amounts of the transverse/ longitudinal reinforcement (see Ihtiyar and Brefa,
2007, for further details). The specimens represent two groups of beams: short
(specimens CB-1 and CB-3) and long (specimens CB-2 and CB-4). Since all
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coupling beams had the same depth, the shear span-to-depth ratio (a/d) changed
from 0.75 to 1.50 by simply doubling beam length.

The load was applied to the coupling beams by means of two stiff concrete
walls built at each end of the specimens. The lateral load was applied to the top of
the walls by using a stiff steel element that imposed equal lateral displacement to
both walls (Fig. 6). Given the geometry of the test setup, the applied lateral force
O generated shear forces at the ends of the coupling beams equal to O h,,,/(1,+1,,).
These shear forces were 1.1 and 0.8 times the applied lateral force Q for the short
specimens (CB-1 and CB-3) and for the long specimens (CB-2 and CB-4),
respectively. The same lateral-load history was used for the four specimens.
Specimens were subjected to sets of three cycles of reverse cyclic loading at pre-
defined amplitudes. The tests were force-controlled in the pre-yield stage and
displacement-controlled in the post-yield stage. Below the estimated yield shear
force (V)), the amplitudes of the applied load were 1/3, 2/3, and 3/3 of V). The
lateral displacement at the top of the walls at V', was defined as the displacement at
yielding. In the displacement-controlled stage, the displacement increments were
0.5 times the displacement at yield. The loading process was stopped as soon as
the specimens began to lose their strength at higher applied displacements since
the primary intent was to evaluate the stiffness in the loading branch. Only
Specimen CB-4 was subjected to much higher displacements, because in this case
the test was aimed to investigate the shear-retention capacity under large
displacements and — to this end — the design was controlled by bending.

Instrumentation consisted of linear potentiometers to measure the global
displacement at the top of the walls, the relative displacement between beam end
sections and concrete walls, and the displacements at the base of the walls. String
potentiometers were positioned longitudinally and diagonally on the back face of
the coupling beams to measure shear distortions. Strain gages were used to
monitor the strains in the longitudinal and transverse reinforcement. A load cell
was used to monitor the applied load during each test. The linear potentiometers
measuring the relative displacement between the beam end sections and the walls
were used to evaluate the chord rotation throughout each test.

Table 2 — As-built parameters of the coupling beams tested in this project.

/ Longitudinal steel Transverse steel ¥
! As ,ﬁl pl(a) Av ,ﬁt Pv ‘
[mm] [mm] [mm’] [MPa] [%] [mm’] [MPa] [%] [MPa]
CB-1 340 510 600 517 0.69 142 524 1.1 39
CB-2 340 1020 851 448 099 52 607 0.13 39
CB-3 270 510  860™ 517 125 142 524 1.1 31
CB-4 340 1020 400 517 047 142 524 1.1 30

Specimen

(a)p, = Ay/bd; p, = A/b,s; ®Includes the lowermost layer of the distributed longitudinal
web reinforcement (2 No. 4 bars, Fig. 2.1a).
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2.1 Measured hysteretic response

Specimen response was primarily evaluated by examining its shear force-chord
rotation response. The measured shear force in the coupling beams was compared
with the calculated values obtained from the backbone curves worked out
according to ASCE/SEI 41-06 and on the basis of the failure mode observed during
the tests.

All calculated strengths (bending or shear capacities) were obtained using the
measured materials properties of each specimen, taking into account the additional
web reinforcement (if any).

Only Specimen CB-2 had insufficient shear strength, according to Eq. 2, and
failed before the yielding of the longitudinal reinforcement (Table 3). All other
specimens were expected to develop their flexural capacity, by attaining their
bending strength at the end sections. (Compare V,,; — measured shear at the beam-
wall connection — with ¥, = calculated strength according to Eq. 2, Table 3).
Plastic hinges were not expected to form in any specimen except in Specimen CB-
4, which was characterised by a low flexural steel-ratio and by a relatively long
span.

(a) (b)
. 0.76 . 051 | 0.76 N 0.72 1.02 0.72
T T T i 1 t + +
g # #8 0 <7 g #8 48 0 =t
ey # #4 e #4 #4
S| |\ S | I
| M 1 | B
A g gz M 1 g
=l s I J\ b S 3 I 3 J\ =
AJ : B J
o LTI """ N=J
S Coupling 2 \—gg:rzl'ng
beam —! et ot
. =i Lo Se
0.25 0.25
0.25 0.25
345 Bars - 345 Bars| T 3# 6 Bars v 2#5 Bars
S
#3 Hoops (%8| #3 Hoops| p I LA D4 Hoops 1% #3 Hoops 3%
@0.05m Sle| @0.05m| | 4-#4]|s|s @0.16m S|l @0.05m S|ls
3#5 Bars o 345 Bars OI + 3#6 Bars . 4 2# 5 Bars -+
0.20 0.20 0.20 020
Specimen CB-1 Specimen CB-3 Specimen CB-2 Specimen CB-4
Section A-A Section B-B

Figure 5 — Tests by Ihtiyar and Brefia (2007): geometry and reinforcement
(dimensions in [m]): Specimens CB-1 and CB-3 in (a); and CB-2 and CB-4 in (b).
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Figure 6 — Experimental setup in the tests by Ihtiyar and Brefia (2007): geometry
(a); and specimen assembled within the test rig (b).

The cyclic (hysteretic) shear force-chord rotation behavior of the four beams
tested in the experimental program (Fig. 7) has several interesting aspects.
Specimens CB-1 and CB-3 (short span) have similar hysteretic behaviours. Both
specimens reached approximately the same shear force and were able to develop
similar chord rotations at yielding and at the peak shear force. The influence of the
horizontal web reinforcement in Specimen CB-3 did not significantly affect the
hysteretic response.

Table 3 — Summary of measured shear force and chord rotations.

. b
SpeClm Qtest, pk I/y test(a) Vtest,pk 0[(35[’ Dk Vend( ) Vn(C)

en [kN] [kKN] [kN] [rad] [kN] [kN]
CB-1 436 371 480 0.0311 492 709
CB-2 344 227 275 0.0076 319 187
CB-3 460 447 506  0.0299 575 693
CB-4 300 141 240 0.0214 168 647

@Determined using strain gauges attached to the flexural reinforccment
®Shear corresponding to development of the flexural strength at beam ends
©Using Eq. (2)

The highly-different behaviors of Specimens CB-2 and CB-4 (same span-to-
depth ratio) were primarily caused by the significantly different amounts of
transverse reinforcement. The transverse reinforcement in CB-2 was barely
sufficient to maintain its shear strength after the formation of the first diagonal
crack and led to a brittle failure with no yielding of the longitudinal reinforcement.
On the other hand, Specimen CB-4 had a very ductile response because of its low
flexural strength and its relatively high shear capacity. CB-4 was the only
specimen that had a shear strength higher than that required to develop plastic
hinges and to spread the plastic strains close to beam end sections.

64



(a) Specimen CB-1 (b) Specimen CB-3
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Figure 7 — Hysteretic response of the specimens tested by Ihtiyar and Brefia
(2007), and comparison with the backbone curves worked out in this project (the
dashed curves correspond to ASCE/SEI 41-06 and the solid curves include the
proposed modifications).

2.2 Comparison of the backbone curves with the experimental force-
deformation curves

The backbone curves are useful whenever static nonlinear analysis is carried out as
a part of structural performance-based design or assessment The tests carried out
by Ihtiyar and Brefia (2007) provided an opportunity to evaluate the results of four
coupling beams failing with different behaviors. The backbone curves of the four
specimens were worked out on the basis of the recommendations from ASCE/SEI
41-06 (dashed curves in Fig. 7 and Table 4).

The construction of these curves, however, required the introduction of several
improvements, that were suggested by the test results. In details:

(1) The shear deformations based on the gross elastic properties were included to
calculate the chord rotation at yielding, because the chord rotation at yield ing
computed by means of Eq. (3) — which neglects the component of
deformation due to shear forces — grossly underestimates the chord rotation
measured in the tests.
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(2) All specimens except CB-2 were initially assumed to be governed by bending.

(3) The shear force at yielding (¥,) and the shear force at ultimate (V,,q) were
assumed to act at beam end sections, when yielding penetration was rather
limited (less than d/4). However, for Specimen CB-4, with significant yielding
penetration, the shear force at ultimate was assumed to act at the end section
of the plastified region (Vjinge).

(4) To improve the fitting of the measured hysteretic curves (solid curves in Fig. 7)
in terms of stiffness, the moment of inertia of the cracked section suggested by
Paulay and Priestley (1992, Eq. 4) was adopted, and the shear deformation
component based on the properties of cracked sections were used to evaluate
the chord rotation at yielding. The cracked shear deformation component (6,
«) was evaluated using the shear deformation (Fig. 4b) measured during the
tests (Thtiyar and Brefia, 2007).

Table 4 — Measured and calculated (ASCE/SEI 41-06) shear forces, and chord
rotations at the peak load (the values between parentheses were calculated by
adopting the four above-listed recommendations).

SPeCimen Vtest, pk Hlesl, pk Vca/c(a) Hcalc Vze.xt,pl( eze.st,pl(
[kN] [rad] [kN] [rad] Vcalc Hcalc
CB-1 480 0.0311 492 0.0219 0.98 1.42

(492)  (0.0340)  (0.98) (0.91)

CB-2 275 0.0076 187 0.0110 147 0.69
(3200 (0.0245)®  (0.86) (0.43)

CB-3 506 0.0299 575 0.0223 088  1.34
(575)  (0.0376)  (0.88) (0.79)

CB-4 240 0.0214 205 0.0253 117 085
(205)  (0.0296) (1.17) (0.72)

Average 1.13 1.07
(0.97)  (0.72)

CoV 0.23 0.34
(0.15)  (0.29)

@Shear past the development of the beam flexural strength
®Using the curve corresponding to the bending-controlled beavior.
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The shear forces at yielding and at ultimate were calculated using the measured
materials properties. Chord rotations were obtained using the coefficients listed in
Table 1 for bending-controlled beams (Specimens CB-1, CB-3, CB-4), as well as
for shear-controlled beams (Specimen CB-2). For the sake of comparison, in the
case of Specimen CB-2 the backbone curve based on the bending-controlled
behavior was worked out as well (Fig. 7c).

A similar approach to work out the backbone curves according to FEMA 356
(including the background of the proposed modifications) is discussed in Ihtiyar
and Brefia (2007).

3. EVALUATION OF TEST RESULTS AND BACKBONE ENVELOPES
USING STRESS FIELDS

3.1 Stress fields for modelling reinforced-concrete shear walls

Stress fields were developed from the direct application of the lower-bound
theorem of the theory of plasticity to reinforced-concrete members, as proposed by
Drucker (1961), Fig. 8c. In a reinforced-concrete member, a stress field is a state
of stresses, which is in equilibrium with the external actions and that respects the
plasticity criteria for the materials (steel and concrete).

In general, compression is carried by concrete (although in some cases the
reinforcement comes into play as well) and tension by reinforcing steel.

Assuming a rigid-plastic behavior for the material (Figs. 8a,b) a series of stress
fields can be developed for being used in the design and assessement of structural
concrete (Nielsen et al., 1978; Miiller, 1978; Marti, 1980; Muttoni, 1989; Muttoni
et al., 1997). These stress fields, called also rigid-plastic (discontinuous) stress
fields (Muttoni and Fernandez Ruiz, 2007) generally provide safe estimates of the
failure load and allow the designer to clearly understand the structural load-
carrying mechanisms, as shown for instance in Figs. 9a,b, where two equally-
admissible stress fields are sketched for the same structure (a deep beam subjected
to distributed loading). In Fig. 9a, the load is carried by means of a fan action,
whereas in Fig.9b the load is carried by an arch action. The corresponding truss
models are shown in Figs. 9c,d.

Applying rigid-plastic stress fields may, however, have two drawbacks:

1. The solution of the problem is not unique (see for instance Figs. 9a,b); hence,
a certain level of expertise is required to identify the most appropriate load-
carrying mechanism.

2. No information is provided on the deformation capacity of the member in
question, because of the assumption on the rigid-plastic behavior of the
materials (Fig. 9¢). This second drawback limits in principle the use of stress
fields in the solution of all those problems, where displacements and rotations
are the basic input in structural analysis (in our case, any coupling beam
subjected to seismic excitation).
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(a) (b) (©

Figure 8 — Rigid-plastic stress fields: (a) rigid-plastic constitutive law for concrete
(no tensile strength); (b) rigid-plastic constitutive law for steel; and (c¢) rigid-
plastic stress field for a beam subjected to a mid-span load (Drucker, 1961).
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Figure 9 — Rigid-plastic stress fields for a deep beam subjected to distributed
loading: (a) fan-shaped and (b) arch-shaped load-carrying mechanisms; (c,d)
corresponding truss models; and (e) force-deflection curve.

In order to overcome the above-mentioned limitations, elastic-plastic
(continuous) stress fields have recently been developed (Fernandez Ruiz and
Muttoni, 2007). The same hypotheses adopted in the case of rigid-plastic stress
fields are still valid, but materials behavior is assumed to be elastic-perfectly
plastic (Fig. 10). This allows calculating the strains in concrete, as well as the
displacements of the member.

Since the longitudinal and transverse strains in the compression struts are
known, the influence that transverse cracking has on concrete compressive
strength can also be introduced by means of a strength-reduction factor affecting
concrete strength, as suggested — for instance — by the “modified compression-
field theory” (Vecchio and Collins, 1986):

1

=1 where:n. =—<1.0 5
Jee=1oom, n. 08170z, 5)

where &, is the transverse strain at right angles to the applied stress in concrete.
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An efficient implementation of such fields using finite elements is described
and discussed in Ferndndez Ruiz and Muttoni (2007).

(a) (b)

Es

Figure 10 — Assumed materials behavior in elastic-plastic stress fields: (a)
concrete; and (b) reinforcing steel.

The suitability of elastic-plastic (continuous) stress fields for describing the
behaviour of shear walls and coupling beams subjected to monotonic loading has
been investigated in this research project, with reference to the tests carried out by
Maier and Thiirlimann (1985). The geometry of Specimens S1 and S2 is shown in
Fig. 11. Both specimens were subjected to various levels of axial and shear forces.
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Figure 11 — Specimens S1 and S2 (Maier and Thiirlimann, 1985), f.= 36 MPa, E.
=34 GPa, f,= 574 MPa, E;=200 GPa: geometry (left), and reinforcement (right).

The results obtained using elastic-plastic continuous stress fields are shown in
Fig. 12. Excellent agreement is obtained with respect to the failure load (the
calculated values differ by +1% and -2% from the measured values in specimens
S1 and S2, respectively). Furthermore, fair agremeent is obtained in terms of
overal deformation capacity, steel deformation at yielding and concrete
deformation at the onset of crushing (Fig. 12g). The corresponding rigid-plastic
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stress fields for the two specimens are shown in Figs. 12c,f. The force paths
provide a tool for designing both the vertical and horizontal reinforcements.
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Figure 12 — Shear walls S1 and S2 (Maier and Thiirlimann, 1985): (a) cracking
pattern of S1 (after failure); (b) plot of the principal-stress directions for S1
according to the elastic-plastic stress-field approach; (c) rigid-plastic stress field
for S1; (d) crack pattern in S2 (at 95 % of the failure load); (e¢) plot of the
principal-stress directions for S2 according to the elastic-plastic stress-field
approach; (f) rigid-plastic stress field for S2; and (g) comparison of
measured/computed horizontal deflections for both shear walls.

3.2 Modelling coupling beams by means of elastic-plastic stress fields under
cyclic loading, and comparison with test results

Applying elastic-plastic stress fields is investigated in this section with reference
to the tests presented in Section 2.1. Figure 13 shows the calculated stress fields at
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the peak load for the four coupling beams tested by Ihtiyar and Brefia (2007). The
stress fields are consistent with the observed crack patterns and therefore represent
of the actual force paths. For the different specimens, Figure 14 shows the shear
force — chord rotation responses calculated by using (a) the materials properties
described in Section 2, and (b) a reduced modulus for the concrete (1/4 of the
actual value, to simulate the reduced stiffness after cracking). A summary of the
main results can be found in Table 5.
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(d) Specimen CB-4

Figure 13 — Elastic-plastic stress fields calculated for the coupling beams tested by
Ihtiyar and Brena (2007)

The fitting of the test results leads to the following observations:

1. The failure load is accurately predicted for all coupling beams, regardless
of the slenderness, reinforcement layout and failure mode.

2. The failure load is little sensitive to any reduction of concrete modulus of
elasticity. Nevertheless, small reductions of the failure load are obtained
by decreasing the modulus of elasticity, because of the ensuing larger
displacements, that reduce concrete strength through the factor 7..

7"



3. Chord rotations are accurately predicted by using concrete elastic
(uncracked) modulus of elasticity in the initial load cycles. At larger
displacements, the degradation of the modulus of elasticity due to cyclic
loading plays a significant role in terms of deformations, as confirmed by
the better fitting of the measured cyclic response, particularly in the case
of short coupling beams, whenever the elastic modulus is markedly

reduced (E./4).
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Figure 14 — Shear force — chord rotation curves obtained in this project (elastic-
plastic stress fields) and measured curves (Ihtiyar and Brefia (2007).

By comparing the results obtained via the stress-field approach with the
backbone envelopes based on ASCE/SEI 41-06, the following considerations can
be drawn:

(1) a significantly-better evaluation of the maximum load is obtained with a much
lower value of CoV (Coefficient of Variation);

(2) a more reliable evaluation of the chord rotation at the maximum load is
obtained with a similar scatter of the results.
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Table 5 — Measured (by testing) and calculated (via stress fields) failure loads, and
chord rotations at the maximum load. (Note that the values between parentheses

were obtained by introducing a reduced modulus of elasticity for the concrete:
E./4).

SPeCimen Vtest—pk elgsl.pk Vca/c ecglc Vtesr %
[kN] [I'ad] [kN] [rad] Vcalz‘ Hmlc
CB-1 480 0.0311 479 0.0167 1.00 1.86

(472)  (0.0206) (1.02) (1.51)

CB-2 275 0.0076 246  0.0096 .12 079
(229)  (0.0125) (1.20) (0.61)

CB-3 506 0.0299 524 0.0166 097  1.80
(508)  (0.0211) (1.00) (1.42)

CB-4 240 0.0214 228 0.0197 1.05 1.09
(225)  (0.0211) (.07 (.01

Average 1.03 1.39

(1.07) (1.14)

CoV 0.06 0.38

(0.09) (0.36)

The results show that R/C modelling by means of the stress fields is a
promising technique, that can adequately describe the cyclic behaviour of the
coupling beams, through the “backbone curves”.

Stress fields are a consistent approach, that can take into account concrete and
steel various mechanical and geometric properties by introducing a very limited
number of hypotheses and parameters (Fernandez Ruiz and Muttoni, 2007).

The stiffness reduction introduced for large displacements in rather short
coupling beams (deep beams) is consistent with the conclusions of previous
studies (e.g. Paulay, 1971a; Park and Ang, 1985; Ihtiyar and Brefia, 2007).

4. FUTURE WORK

The authors are currently working on an improved formulation of the elastic-
plastic stress-fields for computing concrete strength and stiffness degradation as a
function of concrete loading history (number of cycles and maximum deformation
demand).

The final objective is to develop suitable elastic-plastic stress fields for
obtaining the backbone curves to be used in performance-based seismic design or
assessment.
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CONCLUSIONS

This paper discusses various techniques to work out the backbone curves of
coupling beams subjected to seismic loading, and compares the numerical results
with those coming from an experimental campaign concerning large-scale
coupling beams. The main conclusions are:

1.

Slenderness, reinforcement layout, amount of transverse reinforcement and
failure mode (bending- or shear-controlled) have a sizable influence on the
ultimate bearing and deformation capacities of coupling beams.

The influence of the previous parameters, however, is not accurately taken
into account in current performance-based methods for the design of such
structural members. This leads to a significant scatter in the generation of the
backbone curves.

The backbone curves generated by using the available seismic-assessment
documents (e.g. ASCE/SEI 41-06) reasonably represent the entire behavior of
the coupling beams, provided that several modifications are introduced, as
suggested by the authors. In particular, all relevant deformation components
should be introduced, to obtain a realistic description of the overal response
represented by the backbone curves.

Modelling the envelope response of a coupling beam based on elastic-plastic
stress fields provides a rational approach for evaluating the bearing and
deformation capacities at both the yield and peak loads. This approach makes
it possible to take care of the influence that the various mechanical and
geometric parameters (including structural slenderness, and amount and layout
of the reinforcement) have on the behavior of coupling beams.

The shear (diagonal tension) strength of coupling beams evaluated in
accordance with ACI 318-08 1is not a good failure indicator in any of the
coupling beams tested in the laboratory and mentioned in this paper. Shear
strength degradation occurred in beams, that were cycled past the yielding of
the longitudinal reinforcement. Hence, it is important to include shear-strength
degradation in the design of short coupling beams subjected to cyclic loading.

The degradation of concrete stiffness under cyclic loads bringing in large
displacements deeply affects the shear force — chord rotation relationship of
the coupling beams.
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NOTATION

Ay = shear-resistant concrete cross-section

A = area of longitudinal steel

A, = area of transverse steel (spacing s)

E. = concrete modulus of elasticity

E; = steel modulus of elasticity

F = force

Fy , Fy = horizontal, vertical force

G, = concrete shear modulus

I, = moment of inertia of a cracked section

I, = moment of inertia of the solid section (gross moment of inertia)

M, =nominal flexural strength of coupling beams

M, = bending moment at bar yielding

0 = lateral force

Orest, v = maximum lateral force (peak force)

V = shear force

Veae = maximum calculated shear force

Vena = shear at beam ends corresponding to the development of the flexural
strength

Viinge = shear force computed by using beam theory in the central section of a
plastic hinge

Va = nominal shear strength of a beam

V, = contribution of transverse steel to shear strength

Viest = shear force generated at the end sections of a coupling beam tested in the
laboratory

Viesi, = maximum measured shear force (peak value)

v, = estimated shear force at the yielding of the longitudinal reinforcement

V), s = measured beam shear at first yielding of the longitudinal reinforcement

b,, = web width

d = flexural (effective) depth of a beam

See = effective concrete compressive strength

f = concrete cylindrical compressive strength

f = 28-day concrete compressive strength

J = steel stress at yielding

S = strength at yielding in the longitudinal reinforcement

St = strength at yielding in the transverse reinforcement

h = beam depth

Rpin = vertical distance between the loading and support pins in the

specimens tested in the laboratory
= clear length of coupling beam
= length of a plastic hinge
= wall length
= spacing of the transverse reinforcement

[} g\‘.e\:!\‘

75



a. = factor concerning the aspect ratio (Eq. 2)

o = displacement

1% = Poisson’s ratio

o = chord rotation; in a coupling beam: angle between the tangents to the
deformed shape in the end sections and the original undeformed axis
(same rotations in the end sections); in a column: ratio between the
interstorey drift and the interstorey height (no rotations at the end
sections)

6.... = calculated chord rotation at the maximum load

6 = flexural component of the chord rotation

6, = shear component of the chord rotation

6, = shear component of the chord rotation assuming cracked sections

o = bar-slip component of chord rotation

Opest, pr - = measured chord rotation at the maximum load

0, = chord rotation at yielding

&, & = axial strain in concrete, in a steel bar

En = transverse strain in concrete

e = strength-reduction factor accounting for transverse cracking in concrete

o, pv = reinforcement ratio (longitudinal, transverse reinforcement)
0., 0, = stress in concrete, in a steel bar
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PUNCHING - SHEAR STRENGTH:
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ABSTRACT

Punching-shear is a failure mechanism typical of slabs and footings subjected to
concentrated loads applied on very small contact areas. Punching resistance is
mainly a function of concrete compressive strength and flexural reinforcement
ratio, but it also depends on aggregate size and column side-to-slab depth ratio
(size effect). Moreover, in shear-reinforced slabs, punching strength depends also
on bond conditions in the transverse reinforcement, which in turn depends on slab
depth and reinforcement type.

Because of punching-shear complexity, in Eurocode 2 (as in other Codes) the
verification rules refer to a conventional failure surface, and the design
parameters are chosen to fit the experimental evidence. Nevertheless, the
calibration of some parameters looks inadequate, since — for instance - neither
size effect nor bond conditions for different transverse-reinforcement types are
introduced, and some design rules are hardly exhaustive, like those concerning the
design of transverse reinforcement in footings.

Last but not least, both EC2 and EC8 are limited to static loading, while the
effects of cyclic loading in slab-column connections under seismic excitation are
never mentioned, something that is dealt with in other Codes (like ACI), whose
provisions are briefly commented.
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1. INTRODUCTION

Punching-shear or two-way shear is typical of R/C slabs and footings subjected to
high concentrated loads applied on very small contact areas. Different models
have been proposed in the literature to describe the punching-shear mechanism,
like those based on the theory of plasticity (for instance the strut-and-tie models)
and on fracture mechanics (CEB-FIP, 2001). Nevertheless, a consistent analytical
formulation is still badly needed, and the formulas adopted in many international
codes (Eurocode 2 included, see CEN-EN1992-1-1, 2004) are mainly derived
from the experimental results.

Within this framework, the verification of slabs and footings subjected to
punching shear, with/without transverse reinforcement, is treated in this paper ac-
cording to EC2, in order to highlight the doubts originating from the application
of this code and the inconsistencies with respect to the tests. Such topics have al-
ready been discussed by the authors in a previous paper (Angotti and Orlando,
2009), but here are commented in more detail, with specific reference to the very
recent Italian Design Recommendations (2008) and to the seismic design of slab-
column connections, not covered by the Eurocodes.

2. PUNCHING-SHEAR MECHANISM

The punching-shear failure of a R/C slab or footing is characterized by the forma-
tion of inclined cracks, which start from the column perimeter and propagate until
the formation of a typical truncated (Fig. 1). This failure mode is brittle and the
flexural reinforcement may remain in the elastic field till the collapse.

Figure 1 — Schematic section of the punching surface of a slab resting on a circu-
lar column.
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In a typical test of a R/C slab resting on a circular column, the following steps
can be observed under increasing load (Guandalini et al., 2009):

1. (initial elastic bending without cracking;

2. formation of some circumferential cracks close to the column, visible
along the upper face of the slab; these cracks are followed by the devel-
opment of radial cracks, that — together with the circumferential cracks -
form a series of circular sectors on the slab;

3. formation of further rather open circumferential cracks relatively far from
column perimeter; at the same time, close to the column both the radial
bending moment and the radial curvature remain roughly constant;

4. formation of internal inclined cracks, which coalesce into a single trun-
cated-cone fractured surface followed by the separation of the slab from
the column.

Once the peak load has been attained, no further cracks form, but the existing
cracks widen, till the collapse of the slab, which occurs abruptly in the case of or-
dinary flexural-reinforcement ratios. After the collapse, a large circumferential
crack appears at the extrados, whose radius is larger than the intersection of the
punching surface with the extrados itself, because of the yielding and plastic de-
formation of the upper tensile reinforcement.

2.1 Shear transfer

The primary punching response is provided (a) by the inclined concrete struts, and
(b) by the forces transferred across the shear cracks. Some mechanical models
(Kinnunen and Nylander, 1960) explain the punching strength primarily by means
of the action exerted by the inclined struts, while other researchers (Menetrey,
1996) rely more on the forces across the cracks. In all approaches, load transfer is
described through a strut-and-tie (S&T) model, which extends from the load ap-
plication point to the boundary of the failure region; in transversely-unreinforced
slabs, the S&T model contains concrete ties. In Menetrey’s model, which relies
on the forces transferred across the cracks, a concrete tie is also active in the fail-
ure region (see the bold dashed line in Fig. 2). The punching strength is then ob-
tained by projecting the tensile strength of this concrete tie in the vertical direc-
tion (F. in Fig. 2). Other contributions are given by the flexural, transverse and
bonded prestressing reinforcement crossing the punching surface.

Any reinforcement crossing the punching surface contributes to the shear
transfer through dowel action (like in the case of the bars crossing a flexural crack
in a beam). The mechanical ratio of the bonded prestressing steel crossing the
punching surface is added to the mechanical ratio of the ordinary flexural rein-
forcement. The tests show that - in the slabs reinforced with an orthogonal grid of
flexural reinforcement — the dowel-action contribution to the punching-shear
strength is close to 34% (CEB-FIP, 2001). The punching capacity is also signifi-
cantly affected by the flexural reinforcement ratio. The experimental load-
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displacement curves of the slabs with different reinforcement ratios are character-
ized by an initial linear elastic branch, which is the same for all slabs, and by a
second branch, whose peak and ultimate displacement are increasing and de-
creasing functions of the reinforcement ratio, respectively.

——concrete strut

a
Fs (M2)
PRGN

Fc (M2)
Fc (M1)
4“— ¢

b
concrete strut

concrete tie

rsw

r2

Figure 2 — Menetrey’s model (Menetrey, 1996).

Furthermore, different flexural reinforcement ratios lead to different layouts
for the resisting system (Fig. 3). For low reinforcement ratios, very high diagonal
compressive stresses arise between each transverse reinforcement row and the
two adjacent rows. The corresponding resisting mechanism can be appropriately
described by means of a strut-and-tie model, whose struts extend from the top of
each row to the bottom of the preceding row (Fig. 3a). For high flexural rein-
forcement ratios, the compression fields start from both the load-application zone
and the upper end of each row and develop up to the column perimeter (Fig. 3b).
This last model is confirmed experimentally by the occurrence of high tensile
stresses in the flexural reinforcement (Beutel and Hegger, 2002), because the in-
clination of the struts is lower than in the case of low reinforcement ratios.

Punching strength depends on the distance between the first row of the trans-
verse reinforcement and column perimeter: the maximum is reached for a distance
equal to 0.8d (d = effective depth of the slab), which corresponds to a strut incli-
nation of about 45°; for inclinations higher than 45°, the first reinforcement row
has a smaller anchored length on each side of the punching surface and a smaller
capacity.
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Figure 3 — Strut-and-tie models for low (a) and high (b) flexural-reinforcement
ratios (CEB-FIP, 2001).

2.2 Size effect

The experimental evidence shows that punching-shear failures are characterized
by size effect: the larger the slab depth, the smaller the strength per unit depth
(that is the shear strength per unit length divided by the effective depth of the
slab). Moreover, the larger the distance of the critical surface from column pe-
rimeter, the smaller the strength per unit depth.

EN1992-1-1 rules take into account only the dependence of the strength on the
depth of the slab (§ 4.2).

3. PUNCHING-SHEAR VERIFICATION ACCORDING TO EC2

This paragraph summarizes the main provisions for punching-shear checks in
slabs and footings according to EN1992-1-1, with the explanation of the meaning
of the main variables and parameters. The empirical character of EC2 formulation
for punching is also highlighted and EC2 results are compared with those ob-
tained by testing or by means of mechanical models.
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According to EN1992-1-1, the checks on structural members subjected to
punching shear are performed by making reference to a conventional “control pe-
rimeter”, which is called “basic control perimeter” (symbol u;). In slabs, the pe-
rimeter u; is located a distance 2d from column perimeter or from the edges of the
loaded area (Fig. 4), while in footings the distance is a < 2d. The basic control
surface S; (“critical surface”), consists of the lateral surface of the cylinder whose
base perimeter coincides with the basic control perimeter u; and whose height is
equal to slab effective depth d (S; = u; d); d is defined as the mean value of the
effective depths of the two-way flexural reinforcement.

|
\
\
}7
|

d

e

Figure 4 - Basic control perimeter u; according to EC2 for a slab resting on a cir-
cular column (uy is the column perimeter).

Besides the verification along the perimeter u;, another verification should be
performed along the perimeter u, of the column (or loaded area), where the design
stress should be limited to the maximum punching-shear capacity Vrgmax, Which
depends on concrete compressive strength.

3.1 Verification along the column perimeter u,

The punching verification of a slab or footing, with/without transverse reinforce-
ment, preliminarily requires the verification of the following condition along the
perimeter uy:

VEd < VRd,max: (1)
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where:

Vea = B Vea/ (up d) (B = 1 takes into account the eccentricity of the reaction ex-
erted by the column and is defined with reference to the ba-
sic control perimeter uy, see § 3.2.1);

VrRamax = 0.5 0 fq,  Wwhere v is a parameter related to concrete grade and f4 is
concrete design compressive strength.

The design provisions for concrete crushing along column perimeter are sup-
ported by scanty experimental evidence, because in most of the tests punching-
shear failure occurred far from column perimeter.

If Eq.(1) is not satisfied, one can adopt one or more of the following measures:

e increase column cross-section (or loaded area);

e increase slab thickness;

¢ adopt drop panels, which is the same as to increase slab thickness close to
the columns;

e adopt a higher-grade concrete.

3.2 Verification along the basic control perimeter u; for slabs and footings
without transverse reinforcement

Along the basic control perimeter u;, the equation for punching-shear verification
in slabs or footings without transverse reinforcement is as follows:

Vid < VRd,er 2)

where vgq is the design stress and vgq, is the punching strength without transverse
reinforcement.

According to EN1992-1-1, the design value of the punching stress vgq along
the perimeter u, is calculated using the following formula:

Veda = B Vea/ (u; d) 3)
where:

B=1 if column reaction (or applied load in directly-loaded areas) is centered
with respect to the basic control perimeter;

B> 1 if column reaction (or applied load in directly-loaded areas) has a certain
eccentricity with respect to the basic control perimeter;

Vgq  design shear force; and

u basic control perimeter located at the distance 2d in slabs and a < 2d in
footings.

The punching capacity without transverse reinforcement is given by:

Viae = Crac k(100p, £y )* +0.100,, 2 v, +0.100,, 4)

min
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where:

Crac = 0.18/yc, with yc = 1.5 for persistent and transient loads, and yc = 1.2 for
accidental loads;

k=1+ ‘/2720 <20 size factor;

P =[Py P1, <0.02 geometrical ratio of the tensile reinforcement (including

both the ordinary reinforcement and the bonded
prestressing strands/tendons — if any), calculated as the
geometric mean of the ratios pyy, and p;, of the tensile
two-way reinforcement;

6., +0
o =—2 % where 6., and o, are the normal stresses in the critical

section in the y- and z- directions (N/mm?, positive if
compression);

Viin = 0,035 K zfck” 2 lower limit for punching strength; v,,;, depends on the co-
efficient k and on concrete characteristic strength (Vi
has been introduced in order to properly evaluate the
punching-shear capacity of lightly-reinforced slabs, that is
typical of prestressed slabs).

By comparing the strengths along uy and u,, the values of slab effective depth
for which the strength Vrgmax is higher or lower than vgq. can be worked out. In
particular, the verification along the basic control perimeter u; is more severe than
that along the column perimeter uy, if the following condition is met:

max(Vrae) - Ui+ d < VR max - Uo - d, (5)

where max(vrq,) 18 the value of the punching strength without transverse steel ob-
tained for p; =2 %, which is the maximum value allowed by EC2 in Eq. (4).

Therefore, for any given value of concrete strength, size of column cross-
section and flexural reinforcement ratio, Eq. (5) allows to find out a limit value
diim for slab effective depth, such as all values smaller than dj;;,, make the check
along u; more severe than that along uy, while for d > d;;,, the check along uy is
more severe than that along u;.

The EC2 formulation for punching shear without transverse steel is largely
empirical, and is based on the oldest and most widely used approach for punching
capacity: a nominal shear stress is calculated on a specified control surface S; and
it is compared with an empirical concrete strength parameter vgq.. The distance of
the critical perimeter u; from the column or loaded area determines the size of the
control surface S; and the intensity of the nominal shear stress vgg.
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In Eq. (4) the dependence on concrete compressive strength is formulated as
(f.)"*, while the role of the reinforcement ratio p; is introduced as p,"?, and size
effect and aggregate interlock are taken into account by introducing a coefficient
k, that is a function of slab effective depth d.

In the previous version of EC2, the distance of the control perimeter from the
column was 1.5d (2d in the last version). The updated distance has been adopted
to make the punching strength less dependent of column size and to make it equal
to the one-way shear strength. Moreover, the formulation is the same adopted for
the shear strength of narrow beams without web reinforcement.

Although the shear stress on the control surface does not have any physical
meaning, EC2 formulation fits well many experimental tests and agrees with the
results provided by the mechanical models.

Walraven (2002) analyzed 112 tests according to the level II probabilistic
method and found Cgg, = 0.120 (concrete class C25) and Cgq, = 0.124 (concrete
class C90). Hence, Eq. (4), where Crq. = 0.18/yc (equal to 0.12 for yc = 1.5),
provides a lower bound for the bearing capacity in punching of transversely-
unreinforced slabs (Fig. 5).
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Figure 5 - Punching strength of transversely-unreinforced slabs: fitting of the
test results by means of Eq. (4). Concrete compressive cylindrical strength: 14 -
120 MPa; effective slab depth: 100 - 275 mm; flexural reinforcement ratio: 0.4 -
2.5%; column diameter/effective slab thickness: 1.2 - 2.5, from Walraven (2002).
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Fig. 6 shows the good agreement of EC2 predictions with the experimental re-
sults obtained by using the mechanical model based on the Critical Shear Crack
Theory (CSCT), see Muttoni and Schwartz, 1991. Briefly, this model assumes
that the punching strength of transversely-unreinforced slabs is governed by the
width and by the roughness of an inclined critical shear crack (Fig. 7). This crack
develops through the inclined compression struts; its width w, is assumed to be
proportional to the slab rotation v, times the effective depth d of the slab: w, oc y -
d; the width w, , however, is corrected by means of a factor to account for the
maximum diameter of the aggregate. The punching load is determined by apply-
ing the failure criterion and a load-rotation relationship obtained via the nonlinear
analysis of the slab in bending.
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Figure 6 - Comparison of the punching shear strength according to ACI 318-05
(—-), to Eurocode 2 (— - — - — ) and to the Critical Shear Crack theory (continuous

and dotted curves) with various test results showing the influence of: (a) rein-
forcement ratio; (b) concrete strength. Vr = punching strength; by, = control pe-
rimeter; d = effective slab depth; f. = concrete average compressive strength
(measured on cylinders); and p = flexural reinforcement ratio (Muttoni, 2008).
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Figure 7 - Critical shear crack and slab rotation (Muttoni, 2008).
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Anyhow the EC2 formulation does not take into account some parameters,
which seem to influence significantly the punching capacity: e.g., according to the
CSCT the punching strength reduces with increasing span-depth ratio of the slab
(Muttoni, 2008), but this effect is not considered in Eq. (4).

3.3 Coefficient 3 for eccentric loads

Eurocode 2 takes into account the eccentricity of the shear force Vg, due to the
moment Mgy transferred from the column to the slab, through a coefficient $>1,
which amplifies the shear stress induced by the shear force alone, see Eq. (3). The
relation between [ and the bending moment Mg, is discussed in §